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Preface

The behaviour of structures subjected to dynamic loads during earthquakes needs
special attention in making the infrastructure resilient. The advancements in the
research on the response of structures under earthquake loading can go a long way
in reducing the risk through best practices.

This volume presents select papers presented at the 7th International Conference
on Recent Advances in Geotechnical Earthquake Engineering and Soil Dynamics.
The papers discuss advances in the fields of earthquake engineering connected with
structures. Some of the themes include soil structure interaction, dynamic analysis,
underground structures, vibration isolation, seismic response of buildings, etc. A
strong emphasis is placed on connecting academic research and field practice, with
many examples, case studies, and best practices.

We thank all the staff of Springer for their full support and cooperation at all
the stages of the publication of this book. We thank and acknowledge the service
of authors and reviewers for their valuable time and efforts. We do hope that this
book will be beneficial to students, researchers, and professionals working in the
field of geotechnical earthquake engineering. The comments and suggestions from
the readers and users of this book are most welcome.

Guwahati, India
Karnataka, India
Roorkee, India

T. G. Sitharam
Sreevalsa Kolathayar

Ravi Jakka
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Dynamic Analysis of SSI Effects
on Underground Structures

Vijay Kumar, Mithilesh Kumar, Madan Kumar, and Akash Priyadarshee

Abstract This paper describes the Dynamic Soil-Structure Interaction (SSI) effects
on the underground structures. The finite element model for Nuclear Power Plant
(NPP) and a tunnel was considered to analyze the effects of SSI. Dynamic analysis
was carried out considering three transmitting boundary conditions. The effect of
embedment for NPP founded on soft soil and seismic responses of a reinforced
concrete building in proximitywith an underground circular tunnel were studied. The
lateral spacing of the circular tunnel from the center line of the building was varied
while maintaining a constant depth below the ground level. The effect of embedment
has been investigated and the result shows acceleration and displacement responses
of the system are smaller with the infinite boundary as compared to viscous and
kelvin boundary conditions. In tunnel analysis, the results shows maximum building
response occurs when the tunnel is positioned directly below the centre line of the
building.

Keywords SSI · Transmitting boundaries · Underground structures · Embedment

1 Introduction

The process in which the motion of the soil influences the response of the structure
and the motion of the structure influences the response of the soil is termed as soil-
structure interaction (SSI). The soil-structure interaction effect plays an important
role in the seismic analysis of infrastructure and industrial facilities, especially for
underground structures. It is more observed when massive or elevated structures are
situated at soft soil thus it is one of the most widely studied phenomena in earthquake
engineering. Over the past four decades, broad research has been performed to study
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2 V. Kumar et al.

the phenomenon of SSI, and its impact on the seismic response of structures. One of
the major challenges in the analysis of dynamic soil-structure interaction problems is
to achieve stable and economicalmodeling. In the numerical simulation ofwaveprop-
agation problems by finite element, it is necessary to eliminate the boundary events
which are generated by the boundary of the numerical grids. Artificial boundaries
in numerical analysis generally introduce spurious reflected waves. The numerical
modeling ofwaves in underground structures is a challenging task for several reasons.
One of the primary obstacles is formulating an accurate yet inexpensive procedure
for dynamic interaction analysis is the modeling of unbounded medium beneath the
structures. Many approaches of modeling have been developed in both time and
frequency domains. A critical review of the existing literature suggests that various
available techniques could be grouped into the following two major categories:

(a) Rigorous Approach,
(b) Approximate Approach.

A rigorous approach which is global in space and time: first solving in the
frequency domain and then in the time domain. To obtain a solution in the time
domain, the procedures involve the convolution process, which uses Fourier trans-
form. Therefore, these have no errors other than discretization and truncation errors.
In this modeling approach, radiation condition is exactly satisfied at infinity. On the
basis of the review of literature, the following rigorous boundaries can be reckoned:

(i) Consistent Boundary [1],
(ii) Boundary Element Method [2],
(iii) Consistent Infinitesimal Finite Element Cell Method [3],
(iv) Scaled Boundary Finite Element Method [4],
(v) Perfectly Matched Layer [5].

Approximate approach boundaries are used in the direct method of analysis in
the time domain. As we know that most of the transmitting boundaries are simple in
their formulation in the time domain and can be easily implemented in finite element
code. On the basis of the review of literature, the following approximate boundaries
could be cited:

(i) Viscous Boundary [6],
(ii) Paraxial Boundary [7],
(iii) Superposition Boundary [8],
(iv) Infinite Element [9],
(v) Extrapolation Algorithm [10],
(vi) Transient Transmitting Boundary [11].

The behavior of soil-structure interaction effects in the analysis of structures
founded on the surface or embedded in the soil is still one of the most discussed
issues in the field of seismic design. The importance of underground structures such
as nuclear power plants, underground tunnels is required that the design should be
such that it can withstand safely in severe conditions. For a safe design, several arti-
ficial boundaries have been studied in the literature and can be mostly classified into
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Local (Viscous), Consistent boundaries. Local boundary conditions are commonly
used in engineering practice because the radiation condition is satisfied approxi-
mately at the artificial boundary, as the solution is local in space and time. On the
other hand, consistent boundaries such as Lysmer and Wass [1] and [12] have math-
ematically complex formulations and satisfy exactly the radiation condition at the
artificial boundary. Lysmer and Kuhlemeyer [6] recommended a system of dashpots
(independent of wave frequency) known as the viscous boundary, positioned at an
artificial boundary, which can absorb both harmonic and non-harmonic scattering
waves effectively. Lysmer and Wass [1] proposed a transmitting boundary (depen-
dent on the frequency), which is intended to absorb body waves and surface waves
on the lateral infinite boundary. Kosloff and Kosloff [13] proposed the technique
which absorbs radiating wave from the interior region to outward on the absorbing
region around about an interior region. The first model has been analyzed with three
boundaries conditions, viz. viscous, consistent, and infinite boundaries. In devel-
oping cities, the underground tunnels for transport facilities (subways, underpasses,
sewers, etc.) are being constructed on a large scale. A lot of buildings have been
constructed directly above or near the underground tunnels. The complex behavior
of the reinforced concrete structures in the presence of underground tunnels and their
vulnerability to earthquakes have been the major topic of interest for the past few
years among structural engineering researchers.Nonlinear time history analysis is the
most rigorous technique to compute seismic responses. However extensive studies
have been done by various researchers [14–17], on the effects of tunneling, stability
of tunnels, and on interactions between tunnels and overground constructions. Major
research studies have aimed to predict the movement of the earth around the tunnels
through experimental, analytical, and numerical methods. The seismic response of a
soil-structure system during an earthquake is affected by many factors including the
soil type and its parameters (shear modulus, mass density, and damping), structure
height, and its materials properties in addition to the frequency content of the earth-
quake and soil-structure interaction [16, 23]. Analytically described the impact of
the tunnel excavation on the adjacent structures using PLAXIS-2D software under
seismic loading conditions. Mangushev et al. [18] investigated the role of deep exca-
vation and its effects on nearby existing buildings for shallow foundations. Korff [19]
described the axial pile deformationdue to the vertical soil displacement andobserved
that deep excavations may cause settlement and damage to adjacent buildings even
if the building is situated on deep piles.

The present study aims at understanding the seismic behavior of multi-storeyed
buildings standing in proximity to an underground tunnel excavation and also to
determine the influence of an underground tunnel excavation on the response of the
nearby building subjected to earthquake excitation. The analytical study has been
carried out using finite element by modeling the building-tunnel-soil system.
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2 Statements of Problem

In numerical modeling, boundary conditions plays an important role. To study the
dynamic SSI on underground structures, two models have been considered using
ABAQUS 6.14. The models are validated with the [6] boundary condition. Further
results have been compared with two more boundary conditions, viz. Novak and
Mitwally [20] boundary and Bettess [21] Infinite element boundary. The three
boundary conditionswill be called further as BC-1, BC-2, andBC-3 corresponding to
Lysmer andKuhlemeyer [6],Novak andMitwally [20], andBettess [21], respectively.
The problems which have been considered are as follows:

I. Outer containment shell of a typical nuclear reactor buildingwith an embedment
in surrounding soils Fig. 1.

II. Seismic performance of multistoried buildings constructed in proximity to an
underground tunnel excavation and influence of underground tunnel excavation
on the response of the nearby building subjected to earthquake excitation.

Fig. 1 Model with
embedment
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2.1 Example I: Nuclear Reactor Building

It consists of a reinforced concrete cylindrical shell capped with a spherical dome
and resting on a raft. The geometrical properties of the model are the height of the
structure from the base of the foundation to the top of the superstructure is 72.9 m,
the base of the foundation is 22m inwidth, and thickness of the foundation is 5m, the
thickness of the superstructure is 1.2 m, the distance from the axis of symmetry to the
inner part of the shell of the structure is 19.8 m. Material properties of containment
shell and soil are shown in Table 1 [22]. For non-linearity, Mohr–Coulomb material
model is used. For soil modeling, an 8-noded quadrilateral element in plane strain
condition is used. For containment shell ‘shell element’ is used.

Nuclear power plant founded on soft soil is modeled using finite elements and
dynamic analysis is carried out. To rationally consider SSI, the unbounded soil needs
to be modeled properly for this, Lysmer and Kuhlemeyer [6], Novak and Mitwally
[20], and Bettess [21] boundary conditions are used and referred to as BC-1, BC-
2, and BC-3, respectively. Further dynamic analysis is carried out considering no
embedment and embedment effect. A time history ofmaximumacceleration of 0.13 g
is applied at the base of the system. The frequency of the system is observed and
also the effect of embedment with (SSI) is compared with no embedment with SSI.

Table 1 Properties of
Material Parameters

Properties of Soil

Modulus of elasticity 25 × 103 kN/m2

Poisson’s ratio 0.35

Unit weight of Soil 1700 kg/m3

Damping in soil 15%

Rayleigh damping Co-efficient α and β 0.2805 & 0.1212

Dilation angle 0.1

Shear Modulus 250 × 106 N/m2

Cohesion 7 × 106 N/m2

Friction angle 370

Slope angle 450

Properties of containment shell

Modulus of elasticity 25 × 106 kN/m2

Poisson’s ratio 0.25

Unit weight of Soil 2400 kg/m3

Damping in soil 5%
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2.1.1 Numerical Analysis and Modeling

For the analysis, the model was assumed without embedded in its surrounding
soil, and its response was compared with that of the same model embedded in the
surrounding soil. A site-specific data of the Northridge earthquake (1994) having
the maximum acceleration of 0.29 g has been taken as the input motion. But this,
acceleration time history can’t be directly put on the surface of the ground as an input
motion.

This observed input motion is applied at the base of the foundation soil/rock, i.e.,
100 m depth so the ground motion must be de-convoluted to get the input response
at the base of the soil/rock. The basic stipulation of the de-convolution is shown in
Fig. 2.

The procedure of de-convolution can be easily understood through the following
steps:

Motion at rock outcrop (time domain)

(Fast Fourier Transformation)

Motion at rock outcrop (Frequency domain)

(Compute transfer function in frequency domain)

Motion at base of the foundation soil/rock (Frequency domain)

(Inverse Fast Fourier  Transformation)

Desired motion at base of the foundation soil/rock (Time domain)

After de-convolution of the motion, the peak value of the acceleration is reduced
to 0.13 g (Pro-Shake’s User Manual) which is shown in Fig. 3.

There are two cases for the analysis part: one is without embedment and part two
is with embedment. The width of soil is considered 100 m from the axis of symmetry

Fig. 2 De-convolution of
Motion
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Fig. 3 Northridge (1994)
earthquake acceleration-time
history

and depth has also been considered 100 m from the base of the foundation. In case
of no embedment, only the base foundation will come under the contact of soil. But
in case of the embedment, it is assumed that 15 m of structural part from the top of
the base of the foundation is embedded in the soil. All this information regarding
geometrical data and without embedment and with embedment conditions of the
model are shown in Fig. 4a, b, respectively.

For the analysis, the model was assumed without embedded in its surrounding
soil, and its response was compared with that of the same model embedded in the
surrounding soil. Therefore, two cases were assumed.

(1) Without embedment of structure in the surrounding soil and
(2) With embedment of structure in the surrounding soil.

Fig. 4 Model for Analysis
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Various points are indicated in Fig. 4 as A, B, and C. All these notations are
used for getting the response of the system. In Fig. 4, point A represents a node
between the foundation and soil media interface. Point B is representing a node in
the soil media and it is named as free-field (FF). Point C represents a node that is the
topmost nodal point of the structure. Point A can be treated as an interface, Point B
can be treated as FF, and Point C can be treated as the crest. Two cases, i.e., without
embedment and with embedment were considered for the response of the structure,
with the above discussed boundaries.

The response was obtained with the FEMmeshing of the model using ABAQUS.
The shell element is used for the analysis of the system, because the shell element
gives better results for the axisymmetric system. The response was obtained in terms
of acceleration and displacement corresponding to applied time history.

2.1.2 Response of the System

In this section, first the effect of soft soil is considered then the effect of different
boundary conditions is examined. The effect of different boundary conditions is
carried out without embedment and with embedment. The effect of these boundary
conditions is expressed in terms of acceleration and displacement response. The
response has also been plotted for top node C of the structure and tabulated for three
nodes A, B, C.

2.1.3 Effect of Soft Soil on the Response

The response of the structure is compared for two cases, when situated on soft soil
and assumed to be situated on a rock. Table 2 shows the response obtained without
embedment effect when the structure is on rock and soil. It can be observed from
Table 2 that due to the presence of soft soil, the response at each node increases
significantly. The acceleration at node C is observed 0.55 g and displacement as
65 mm for node C when situated on the soil.

Table 2 Responses of Structure situated on Rock and Soil

Without Embedment Structure is Situated on

Nodes Rock Soil

Acceleration (g) Displacement
(mm)

Acceleration (g) Displacement (mm)

A 0.14 15 0.18 20

B 0.16 20 0.26 35

C 0.30 50 0.55 65
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Table 3 Response of the system

Response
Points

BC-1
[6]

BC-2
[20]

BC-3
[21]

Without
Embedment

With
Embedment

Without
Embedment

With
Embedment

Without
Embedment

With
Embedment

Acceleration response

A 0.29 0.19 0.20 0.18 0.175 0.15

B 0.38 0.28 0.36 0.26 0.22 0.20

C 0.53 0.48 0.51 0.45 0.49 0.42

Displacement response

A 26 19 19 16 18 12

B 36 31 33.4 29 31 22

C 72 64 69 58 64 50

Table 4 Time period of
system (sec)

Without embedment With embedment

Modes Structure on rock Structure on soil Structure on soil

1 0.153 0.428 0.408

2 0.108 0.343 0.310

3 0.089 0.192 0.187

2.1.4 Effect of Embedment

In this section, various boundaries were used at the boundary of the soil media to
get the response without embedment and with embedment, respectively. Our main
focus is to show the variation of acceleration response of point C of the NPP system.
Without embedment and with embedment, acceleration time history is plotted for
node C which is as follows (see Table 3).

2.1.5 Time Period of the System

The time period of the system is calculated for the first three modes. Initially, it is
assumed that the structure is situated on the rock though its stiffness is high, so its
natural frequency will be high. When the structure is situated on the rock without
embedment, the time period for the first mode is 0.153 s and decreased for further
modes. When the structure is situated on the soft soil, the system gets less stiff than
the previous case, so its frequency decreased by some amount hence time period
of the system increased more. Further, when the structure is embedded in the soil
medium its stiffness would be more than the without embedment. Since frequency
is more in the case of embedment hence the time period of the system decreased by
some amount. Table 5 shows the time period of all three modes of the system. It can
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Fig. 5 a Plan and b
elevation of the building

(b)

3

3

3

3

3

3

3

3 3

3m 

3m 

3m 3m

(a)

be observed from the Table 5 that as structure gets stiffer its time period decreased.
Due to the embedment of the structure in the surrounding soil, the time period is
observed for the first mode is 0.408 s (Table 4)

2.2 Example II: Multistoryed Building in Proximity
to an Underground Tunnel Excavation

The building consists of 7-storey two-bay moment-resistant frame building whose
two storeys are situated under the ground (like basement). The plan and elevation
of the building are shown in Fig. 5. Each storey height is taken as 3 m. The cross
sections of columns and beams are taken as 0.3 m × 0.3 m. Three different types of
foundation systems, viz. isolated footing, mat footing, and pile foundation are taken
for the study. The dimensions of each isolated and mat footings are considered as
2 m × 2 m × 1 m and 8 m × 8 m × 1 m, respectively. The depth and diameter of
the pile foundation considered are 10.0 m and 1.0 m, respectively. The foundation
can be visualized as a beam resting on the soil mainly responsible for distributing
the structural load uniformly to the soil. The diameter of the tunnel in all cases is
taken as 8 m. It is located 11 m below the ground level. Four different horizontal
tunnel locations with respect to the center line of the building are considered below
the ground surface. These four horizontal distances are 0, 5, 10, 15 m from the centre
line of the building.

The mass of this building has been considered to be concentrated at each floor
level and the floor systems were assumed to be rigid rectangular floors supported by
relatively massless, axially inextensible columns. The building has been analyzed as
a 2D frame. Beams and columns have been modeled as two-noded beam elements.
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The performance of deep excavations is strongly influenced by the soil behavior. In
finite element analysis, it is absolutely important to use realistic soil models [22, 24]
to obtain more consistent results. ABAQUS includes several basic models for soils
(e.g., Mohr–Coulomb, Drucker-Prager, and Modified Cam clay). In this study, the
Mohr–Coulomb plasticity is used to model slipping and gapping of the soil elements
because it is a criterion used to model the inelastic behavior of soils.

The bottom of the soil is assumed as bedrock where ground motions were applied
for the analysis and assumed fixed. The properties of the bedrock were considered
the same as for concrete. The two-dimensional soil was simulated as a rectangle
with 160 m width and 32 m depth. The soil under the building has been modeled and
meshed as the 8-noded quadrilateral plane strain elements.

For numerical analysis of wave propagation, the size of an element (�l) should
satisfy the condition as per Eq. (1) so that numerical distortion of transmitted waves
is avoided [6]

�l ≤ λ

10
∼ λ

8
(1)

where λ is the wavelength of the transmitted wave in the soil model and it is related
to the shear wave velocity of the soil and the highest frequency of the input motion
(f max) by the following relation:

λ = vs

fmax
(2)

In order to achieve convergence in computations, size of the element (�l) has
been taken as 1.1 m. The finite element meshing for different positions of the tunnel
is shown in Fig. 6. Considering Eqs. (1–2), shear wave velocity of the soil is 850 m/s
and the highest frequency of the input motions adopted is 25 Hz. The properties of
soil and concrete used for the analysis are presented in Table 5.

2.2.1 Soil-Foundation Interface Modeling

In ABAQUS, mechanical contact between the soil and foundation system can be
modeled either as node-based interaction or surface-based interaction. In surface-
based interaction, mechanical contact of soil and foundation has been modeled using
surface elements. Surface-based interaction is suitable because of its capability to
model both normal and tangential interaction behavior. Generally, interfacemodeling
has three steps: (a) definition of the contact surfaces which could potentially be in
contact, (b) identification of master and slave surfaces that interact with one another,
(c) definition of the mechanical (tangent and normal) and thermal properties of the
surface. In the surface-based contact approach, two surfaces are required to be defined
based on their rigidity; the more deformable surface is defined as a slave surface and
the more rigid surface is defined as a master surface. Master surfaces should be
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Fig. 6 Meshing of soil and building models with tunnel positions at a 0 m b 5 m c 10 m d 15 m

Table 5 Properties of soil and concrete

Parameters Density
(kg/m3)

Modulus
of
elasticity
(GPa)

Poisson’s
ratio
(ν)

Cohesion
(MPa)

Friction
angle

Dilation
angle

Grade

Soil 2050 4.0 0.30 7.0 0 0 –

Concrete 2400 48.3 0.15 – – – M25

defined as element-based surface. However, slave surfaces can be defined as either
element based or node-based surfaces. In this study, the foundation and soil were
considered as master and slave surfaces, respectively.

2.2.2 Input Excitations

In this study, the acceleration time histories of the El-Centro, 1979 (PEER 2013)
andMoravian Disaster Response (MDR), 2014 earthquakes were used for numerical
analyses, as shown in Fig. 7. In order to consider the influence of different seismic
wave inputs on the structural system, seismic wave excitations are considered acting
horizontally from the bedrock.
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Fig. 7 a El-Centro N-S bMDR earthquake motion

2.2.3 Analysis and Results

The analysis has been carried out for the whole soil structure-foundation system
usingABAQUS6.14 considering the three foundation types. Rayleigh damping coef-
ficients have been considered in which damping parameters of the soil and concrete
have been taken through frequency analysis. For calculating Rayleigh damping coef-
ficients, the damping of soil and concrete was taken to be 20% and 5%, respectively.
The Rayleigh viscous damping coefficient for a given frequency ωi can be expressed
in terms of critical damping, ξ i, as

ξi = α

2ωi
+ βωi

2
(3)

where α and β are the Rayleigh damping coefficients. For calculation of the value
of α and β, first two modes of natural frequencies of the building standing on the
soil-tunnel system ω1and ω2were considered. In this study, the value of α and β

was calculated using Eq. (3) for each case by considering the frequency analysis of
the structure soil-tunnel system. The above procedure has been considered for the
buildings with the three types of foundations (mat foundation, isolated foundation,
and pile foundation) for the study of the response of the structures. The response
computations were carried out for two cases. Both El-Centro and MDR earthquake
ground motions as mentioned earlier were used to calculate the displacements of the
buildings. The whole analysis of soil, tunnel, and structure interaction was carried
out in two steps. In the first step, only gravity load was used whereas in the second
step dynamic implicit step for earthquake analysis was used. The peak displacements
experienced by the building with and without tunnel excavations were determined to
study the impact of the position of the underground tunnel on the seismic displace-
ment of the building. In the first case, the seismic analysis of the building before
excavating the underground tunnel was done. In the second case, the dynamic anal-
ysis of the building system was carried out, in the presence of the underground
tunnel.

The peak displacement experienced on the top-left corner node c of the structure
under different tunnel positions is shown in Fig. 8 under MDR earthquake loading
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Fig. 8 Displacement Time history for a Isolated and bMat and c Pile Foundation

for isolated and mat foundation in presence of varying horizontal tunnel locations of
0, 5, 10, 15 m from the center line of the building frame.

The maximum peak displacement for various tunnel positions and also for
different types of foundation systems experienced by the building due toMDR earth-
quake excitation are presented in Table 6. The peak displacement of the building
with an isolated foundation is 6.048% more than that of the building with the mat
foundation in absence of tunnel condition.

It is seen that the peak displacement of the building system is decreasing when the
tunnel is shifted away from the center line of the building. The comparative values
of peak displacements under MDR earthquake are shown in Fig. 9.

The comparative study of maximum displacement of building top-left corner for
different foundation systems due to El-Centro earthquake is shown in Fig. 10.

Further, Table 7 presents the maximum displacement experienced by the building
due to the El-Centro earthquake for different types of foundation systems and the
tunnel positions. It is seen that the maximum displacement experienced by the
building system is in the case of an isolated foundation when the tunnel is located at
the center line of the building.

Finally, the impact of the underground tunnel on the adjacent buildings during
different earthquake loadings can be evaluated. Table 8 represents the comparative
changes of maximum seismic displacement before tunnel and after tunnel.
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Fig. 9 Maximum displacement versus position of the tunnel under MDR earthquake

Fig. 10 Maximum displacement of building top for different lateral positions of the tunnel

2.2.4 Discussion of the Result

When the tunnel is shifted away from the center line of the building, it is observed
that the peak displacement of the building system is decreasing. From the study, it
is observed that maximum displacement was experienced when frame models are
situated on an isolated foundation system. From Table 8, it was clearly observed that
the maximum displacement occurs in the case of MDR earthquake irrespective of
the El-Centro earthquake for all cases of structures.
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Table 8 Comparison of changes in maximum seismic displacement of building before and after
tunnel placement due to El-Centro and MDR earthquakes excitation

Earthquakes No. of storeys Max. seismic
displacements
before the
tunnel
(mm)

Max. seismic
displacements
after tunnel
(mm)

Changes in
max.
displacement
(mm)

Percentages of
changes in max
displacements
(%)

El-Centro 7 storey 70.17 86.74 16.57 23.61

MDR 7 storey 105.45 119.19 13.74 13.03

3 Summary

An analytical study has been presented to demonstrate the displacement response of
a reinforced concrete building frame founded on isolated, mat, and pile foundations
and standing over the soil through which an underground tunnel runs at a constant
depth. The response was also studied when the off-center tunnel positions change.
A seven-storey building along with a soil-tunnel system was modeled with viscous
boundary conditions and the system was analyzed using ABAQUS software under
El-Centro and MDR earthquake excitations. The results show that when the tunnel
is located directly below the center line of the building, the maximum influence
on the building response is obtained. For this position of the tunnel, the interaction
between soil, tunnel, and building structure is the most significant and produces
maximum displacement. The displacement response of the building decreases with
the increasing horizontal position of the tunnel from the center line of the building.
Also, considering the mat, isolated, and pile foundations system, the isolated foun-
dation system produces maximum response irrespective of the spacing of the tunnel
positions. The response of the building in each case is maximum when the building
is situated on the isolated footing. The study confirms that the building responses in
presence of the underground tunnel depend on the tunnel position.

4 Conclusions

1. The response of an NPP structure situated on soil is considerably higher than
that situated on the rock. For the case considered here, the response increased
by a margin of about 67%.

2. The time period of the systemdecreases due to the embedment effect of structure
which indicates that the system is stiffer.

3. The acceleration and displacement responses of the system, are smaller with
the infinite boundary as compared to kelvin and viscous boundary.

4. The maximum influence on the building is observed when the tunnel is located
directly below the center line of the building.
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5. The displacement response of the building decreases with the increasing
horizontal position of the tunnel from the center line of the building.

6. The isolated foundation system produces maximum response irrespective of the
spacing of the tunnel positions.

Future Recommendations Future studies can be extended considering different soil conditions,
structure types, and structure heights.
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Earthquakes
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Abstract Time–Frequency Analysis (TFA) techniques help to obtain the ideal time
and frequency occurrence characteristics of earthquake motion confined in a seismic
recorded signal. Time-histories from recording stations in Japan has been adopted in
the present analysis, considering a large number of available data. The seismograms
were transformed using Gabor transform, a Linear Joint TFA method, to assess their
frequency content by generating their Gabor coefficients. Average Gabor coefficients
were estimated for recorded seismograms within a magnitude range of 5.5–6.0 and
hypocentral distances ranging from 0 to 50 km. The estimated average Gabor coeffi-
cients were used to synthesize a generalized acceleration-time history for the specific
distance and magnitude ranges using Gabor Expansion, without compromising the
frequency content of the waves. Additionally, it is demonstrated that the response
spectra of the synthesized signal and the original signal match very well. These
response spectra will be valuable for the nonlinear investigation of structures in this
region.

Keywords Joint time–frequency analysis · Gabor transform · Linear TFA ·
Time-history · Response spectra

R. Ramkrishnan (B) · D. Devaraj
Department of Civil Engineering, Amrita School of Engineering, Coimbatore, Amrita Vishwa
Vidyapeetham, Coimbatore, India
e-mail: r_ramkrishnan@cb.amrita.edu

S. Kolathayar
Department of Civil Engineering, National Institute of Technology Karnataka, Surathkal,
Mangalore, India
e-mail: sreevalsa@nitk.edu.in

T. G. Sitharam
Department of Civil Engineering, Indian Institute of Science, Bangalore, Bangalore 560012, India
e-mail: sitharam@iisc.ac.in

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
T. G. Sitharam et al. (eds.), Earthquakes and Structures, Lecture Notes
in Civil Engineering 188, https://doi.org/10.1007/978-981-16-5673-6_2

21

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-5673-6_2&domain=pdf
mailto:r_ramkrishnan@cb.amrita.edu
mailto:sreevalsa@nitk.edu.in
mailto:sitharam@iisc.ac.in
https://doi.org/10.1007/978-981-16-5673-6_2


22 R. Ramkrishnan et al.

1 Introduction

Japan is positioned along the world’s most active earthquake zone, the Pacific Ring
of Fire. This ‘ring’ is an imaginary horseshoe-shaped zone that accompanies the
Pacific Ocean rim, where earthquakes and eruptions are a frequent phenomenon.
The 2011 Tohoku earthquake and tsunami was the largest earthquake ever to strike
Japan (magnitude 9.0) and this earthquake triggered a tsunami up to 40.5 m (133 ft)
high that moved up to 10 km (6 mi) inland [1, 2].

Synthetic seismograms are advantageous in the analysis of patterns based on
different types of structures and in the prediction of certain drawbacks in the study
of structural complexity [3]. In most scenarios, it is not possible to record strong
motion at a defined site. There is no reason to expect a potential earthquake to cause
the same or comparable ground movement even if these records are available. For
seismic time-history evaluation of a structure, synthetic time-histories need to be
generated for specific locations [4]. In earthquake seismology, synthetic time history
is either used to fit the anticipated impacts of a particular earthquake with measured
seismogram data, to evaluate the breakdown mechanism during major earthquakes
or to help determine the frequency distribution [5]. Synthetic seismograms may also
be used in specific geophysical software.

Earthquake waves are non-stationary. In past decades, seismic investigations have
been carried out considering the waves to be stationary. Such studies lack accurate
assessment of the behavior and characteristics of these motions, which calls for a
non-stationary analysis of the same. Analyzing the time–frequency domain instead
of independent time domain and frequency domain is important. Traditional strate-
gies like Fourier examination is inadmissible for analyzing seismic records because
of its inadequacy in providing the details of individual frequency contents. Seismic
motions have different time factors such as amplitude and frequency due to the non-
stationary behavior of earthquake waves [6]. The critical aspect is to study changes
in frequency content over time. Fourier analysis has been used in seismic signals
for decades to represent the frequency plane. The Fourier spectrum incorporates the
frequency content in time series; however, the time position of the peak frequency
and the time–frequency shift are not defined in the above spectrum, which essentially
means it has a different time and frequency domain [7]. To study the time–frequency
domain, time-variable spectral analysis is implemented [8]. Time–Frequency Anal-
ysis (TFA) explains the shift in the ground motion spectral content as a seismogram
time history by subsequently mapping one-dimensional time domain signal to the
two-dimensional time and frequency function and describing how well the spectral
data of the signal fluctuates. The joint time–frequency analysis allows the signal
information to be evaluated in time and frequency domains at the same time [9, 10].
Time–frequency distribution also reveals how much signal energy is distributed over
time and frequency domain concurrently [11]. TFA techniques are composed of two
methods: linear TFA and quadratic TFA. Linear transformation focuses on signal and
noise processing.Different linearmethods are Short TimeFourier Transform (STFT),
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Gabor Transformation (GT), and Wavelet Transformation (WT). Quadratic trans-
formation describes the energy distribution in signals. Various methods associated
with quadratic transformation are Wigner-Ville Distribution (WVD), Choi-William
(CWD), Cone shaped distribution (CSD) and Spectrogram (SP). Gabor Transforma-
tion (GT) is better than STFT because the Gaussian functions are more concentrated
than the rectangular function in the frequency domain, and the frequency resolution
of Gabor Transform is higher than that obtained using STFT [4].

One of the important parameters of any structure in a dynamic loading point of
view is its natural frequency. Every structure has its natural frequency for a series of
distinct modes, which influences its dynamic behavior. When the natural frequency
of the vibration mode of a body coincides with the frequency of external force,
resonance occurs leading to excessive deflections and possible catastrophic failures
[12]. Therefore, analyzing the frequency content of the signal is a key step in any
dynamic analysis and resistance measures that follow.

In this study, acceleration-time histories from Kik-NET was Gabor transformed
and Gabor expanded to synthesize a new seismogram representative of different
magnitude and distance ranges for the area under scrutiny. The magnitude of 5.5–6.0
and hypocentral distance from 0-50 km is considered. A generic response spectrum
is also created for specific magnitude and distance ranges from the synthesized time
history.

2 Review on STFT and Gabor Transform

2.1 STFT

The Fourier Transform doesn’t precisely indicate where the time and frequency
elements are located. Such time localization can be obtained by STFT. Short Time
Fourier Transform (STFT) is the easiest time–frequency illustration technique [8, 13].
Thewidth of the selectedwindowmust be equal to the segment of the signalwhere the
analyzed signal is being assumed stationary and STFT of the signal is obtained based
on FFT algorithms. The Short-Time Fourier Transforms the amplitude spectrum by
integrating linearly as.

ST FT (τ, F) =
+∞∫

−∞
s(t)γ (τ − t)e−2 jπ f t dt (1)

Where, s(t) → time-domain seismogram, γ (τ − t) → windowing function and
e−2jπ ft → Fourier kernel. STFT is the signal spectrum x(t) chosen by the location
window h(t) around time t.

Because of the restriction provided by the principle of uncertainty, the result of
STFT suffers from windowing impacts [6, 12, 13] and another issue connected with
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Fig. 1 Spectrogram showing the difference of STFT and Gabor transform a STFT for distance
0-25 km bGabor for distance 0-25 km c STFT for distance 25-50 km dGabor for distance 25-50 km

STFT is the quantity of spectral leakage [13, 14]. STFT spectrogram images of
sample acceleration time-history are shown in Fig. 1a, c.

2.2 Gabor Transform (GT) and Gabor Expansion (GE)

The Gabor transformation is a unique case of short-term transformation of Fourier,
where the window function used is a Gaussian function. Because the Gaussian func-
tion signals are more focused than the rectangular function in the frequency domain,
theGabor Transform frequency resolution ismuch better than the Short-Time Fourier
Transforms. Gabor Expansion is a very useful tool in signal processing. Gabor Trans-
form maps the time domain into the time–frequency domain whereas Gabor Expan-
sion reconstructs the time domain signal after some modification being made in the
time–frequency domain. For signal x(t) Gabor Expansion is defined as

s(i) =
M−1∑
m=D

∗
N−1∑
n=D

Cm,nhm,n(i) (2)
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hm,n(i) = h(i − mdm)exp(
2 jπni

N
) (3)

The coefficients cm,n are the Gabor coefficients, which are computed by the Gabor
Transform or the sampled STFT.

cm,n =
∑
i

s[i]γ [i − mdm]exp(−2 jπni

N
) (4)

where the function [i-mdm] is called the analysis window and is a dual function of the
synthesis window h(t). Gabor transformation of sample acceleration-time histories
are shown in Fig. 1b, d.

3 Methodology

To evaluate earthquake-resistant structures, realistically strong ground movement is
required. Earthquake waves used for the present study were obtained from KiK-
net (http://www.kyoshin.bosai.go.jp/). The seismic signal’s time–frequency feature
reveals impressive characteristics from a seismographic perspective. Earthquake
waves in E-W direction taken for synthesis was obtained at stations lying between
latitudes 31–44° N and longitude 130–145° E. Higher magnitudes from Mw 5.5
to 6.0 were sorted for a hypocentral distance of 0–50 km. 15 earthquake data for
each distance ranges under consideration were obtained and processed for the study.
Offset correction was carried out and the corrected acceleration data is divided by
its absolute maximum acceleration to obtain a normalized time-history. Seismogram
acceleration values are completely different in range. Because of their variance,
these values cannot be merged or assessed in a similar window and range. Hence,
the values are normalized and a seismogram with values ranging from ?1 to 1 is
therefore created and used for further evaluation.

Gabor transformation is adopted here among themethods of time–frequency anal-
ysis owing to its superiority in spectrogram, like less spectral leakage and better reso-
lution [15]. Inversion can also be achieved by Gabor Expansion so we can recreate
a new acceleration-time history taking into account the temporal components of
frequency [16]. All signals were transformed using the Eq. (4) and Gabor coeffi-
cients shown in Fig. 2a, c were created and obtained from the transform. The mean
of these Gabor coefficients, representative of the transforms of all signals in that
selected magnitude and distance range is then obtained to be used in Gabor Expan-
sion as shown in Eqs. (2) and (3). The reason for considering themean transformation
of Gabor is to smooth the undesirable signal characteristics as well [3, 13]. The flow
chart given below demonstrates the TFA approach in synthesis of time-histories and
response spectra.

http://www.kyoshin.bosai.go.jp/
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Fig. 2 Gabor coefficient and physiograms of sample recorded signals ofMagnitude (Mw)5.9within
different hypocentral distance ranges a Gabor coefficients M5.9D0-25 b Physiogram M5.9D0-25, c
Gabor coefficients M5.9D25-50 d Physiogram M5.9D25-50

The response spectra developed by the TFA method can be introduced to the
structure. Response spectra analysis (RSA) is a linear-dynamic statistical analysis
method that analyzes the presence of each natural vibration mode to imply an elastic
structure’s peak seismic response. It provides information on dynamic behavior by
assessing pseudo-spectral acceleration, velocity, or displacement as a function of the
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Table 1 Coefficient of
determination factor of
seismograms for a specific
distance range of magnitude

Magnitude (Mi) Distance (Dj) Coefficient of determination
(R2)

M5.5–6.0 D0-25 0.90

D25-50 0.88

structural period for specified time history and damping level [17]. Response spec-
trum analysis is useful for decisions during development as it relates to structural
dynamic efficiency [18]. Table 1 provides the R2 value of the actual and synthetic
response spectra. The R2 value must lie between 0–1. As the value approaches
towards 1, it indicates best fitting.

4 Results and Discussions

To establish synthetic seismic signals, available recorded seismograms from the
selected magnitude range were transformed to obtain a mean representative Gabor
Coefficient. Gabor expansion was carried out on the mean Gabor coefficient for
different magnitude and distance ranges to obtain a representative synthetic seismic
signal. A comparison is made between the TFA based synthetic seismogram and the
actual recorded seismogram. Response spectra for these signals were developed and
were compared as well. The synthesized acceleration vs time graph and response
spectra was observed to make a good fit, respectively, with the actual recorded
seismogram and response spectra.

The R2 value for response spectra developed from synthetic signals and actual
signal is presented in Table 1. The comparison of actual and synthetic seismogram
and response spectra formagnitude 5.5–6.0 and hypocentral distance 0–25 and 25–50
are given in Figs. 3 and 4 respectively.

The response spectra computed fromsynthetic time-history generated by the time–
frequency approach is compared with the actual response spectra. It can be seen that
the response spectrum of recorded histories matches quite well with the response
spectrum of synthetic time-history. These response spectra produced by considering
the frequency element of the signals can provide better results in structural analyses.

5 Conclusion

Synthesis of earthquake motions are vital in areas with limited recorded data for
seismic studies. The current study presents a new technique and addresses few short-
comings of the past techniques to synthesize earthquake motions. Due to variable
window functioning and less spectral leakage, the signals synthesized with Gabor
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Fig. 3 Comparison of the actual and synthetic seismogram a magnitude 5.5–6.0 and distance
0-25 km, b magnitude 5.5–6.0 and distance 25-50 km
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Fig. 4 Comparison of response spectra of the actual and synthetic seismogram amagnitude 5.5–6.0
and distance 0-25 km, b magnitude 5.5–6.0 and distance 25-50 km
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Transformation andGaborExpansionproduce better outcomes.The synthesized seis-
mogram closely represents the actual recorded seismogram, but with the removal of
unwanted frequencies and noise. By removing unwanted noise and smoothing the
frequency content, better representation of the signal features is obtained from the
response spectrum produced from the synthetic seismogram. Additionally, synthetic
time-history produced using Gabor techniques, when compared with the time history
developed from standard techniques like Fourier Transform and STFT showed that
the distribution of frequency elements over the time–frequency plane matches well
with the realistic signal pattern in the event of the synthetic signal produced by
standard techniques. The coefficient of determination factor R2 was estimated for
the original vs synthetic response spectra and was found to have a good fit with R2

values of 0.90 and 0.88. The new method suggested here can be used effectively
for seismically active areas with limited recording stations and data for developing
synthetic signals and response spectra to be used in various applications like structural
analysis and hazard studies.
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Parametric Studies on Overturning
Moment Ratio of Buildings with Shallow
Foundation for Tsunami Loading

P. Kamatchi, P. Hema Malini, and K. Sathish Kumar

Abstract As reported in literature number of buildings including five reinforced
concrete and one steel framed buildings in the town of Onagawa and two buildings
in the city of Miyako have failed by overturning during past 2011 Gear East Japan
Tsunami. During Tsunami, exceedance of the instantaneous overturningmoment due
to buoyancy force and hydrodynamic force above the resisting moment due to self-
weight of the building has been found to cause the overturning failure of building.
In the present study, residual air space ratio (Cb), inundation depth (R) and height
of the building (h) are identified as important parameters which influence the action
of overturning. Residual air space ratio is defined in such a way that Cb equal to 1
means no water enters into building and Cb equal to 0 represents entire building is
filled with water. The variation of overturning ratio of building w.r.t. the identified
parameters are studied for four inundation depths, five heights of building and five air
void ratios for the chosen 8mx8m plan of building. From the limited studies made,
it is observed that when Cb is equal to 1 i.e. when no water enters the building,
there is a maximum possibility for overturning. OR is found to increase linearly with
Cb. Similarly, when the inundation depth is more, there is a maximum possibility of
overturning of building, however the variation of OR with R is not linear. Based on
the parametric study a model has been proposed for calculation of overturning ratio.

Keywords Tsunami loading · Overturning ratio · Building damage · Buoyancy
force · Foundation

1 Introduction

It iswell documented that, past tsunamis have causedhuge losses in termsof causality,
economic loss and destruction of coastal environment. In addition to tsunami, ground
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shaking, soil liquefaction, impact due to debris have contributed for the failures of
buildings. During December 26th, 2004 Indian Ocean Tsunami, destruction of many
fishing facilities, compound walls, concrete posts, roofs and walls of brick masonry
residential buildings were observed in Indian Coast [1]. Structural and nonstructural
damages to infrastructure in Thailand and Indonesia during 2004 Sumatra earth-
quake and Indian Ocean Tsunami were reported by Murat et al. [2]. March 2011,
Great East Japan Tsunami which affected 650 km long Pacific coast has resulted
in failures of many Reinforced Concrete (RC) and steel buildings [3]. Further, fail-
ures of nonstructural elements viz., infill walls, finishes, claddings and foundation
failures viz., overturning and slicing of foundation from super structure were also
reported during 2011 Great East Japan Tsunami. During this event, number of build-
ings including five reinforced concrete and one steel framed buildings in the town
of Onagawa and two buildings in the city of Miyako have failed by overturning
[4, 5]. The large inundation depths of successive tsunami waves have caused the
hydrodynamic force and huge buoyancy force instantaneously and the buildings of
lesser height than that of the inundation depth have suffered failure due to over-
turning. Studies on response of reinforced concrete buildings for tsunami loading
are reported in literature [6–8]. Michitaka et al. [9] have carried out two dimensional
and three dimensional simulation of tsunami and studied the reason for overturning
of two adjacent buildings during 2011Great Tohoku Earthquake and Tsunami. In this
paper, residual air space ratio (Cb), inundation depth (R) and height of the building
(h) are identified as important parameters which influence the action of overturning
and the results of the parametric studies are presented and a model has been fitted
for evaluation of overturning ratio.

2 Forces Considered in Tsunami

Federal Emergency Management Agency [10] has specified the following forces
to be considered for design of structures for vertical evacuation due to Tsunami:
(1) hydrostatic forces; (2) buoyant forces; (3) hydrodynamic forces; (4) impulsive
forces; (5) debris impact forces; (6) debris damming forces; (7) uplift forces; and (8)
additional gravity loads from retained water on elevated floors. As it is also reported
in literature, hydrostatic forces are mainly due to standing water and not contributing
much for the overturning effect, hence not included in the present study. Panon et al.
[4] have studied the effect of hydrodynamic force and buoyancy force causing over-
turning against the self weight and pile resistance of the building. In the present study
only shallow foundations are studied and hence the hydrodynamic force, buoyancy
forces and the building self weight are only considered. Hydrodynamic and buoyancy
forces for the chosen building are estimated as per FEMA P 646 [10] for different
cases.
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2.1 Hydrodynamic Force

Hydrodynamic force also known as drag force is the lateral force caused by the water
travelling at a varying velocity and hits the building. Hydrodynamic force (Fd) is a
function of fluid velocity, fluid density and structural geometry estimated using Eq. 1
[10] and applied as uniform load on the structure.

Fd = 1

2
ρsCd B(hu2)max (1)

(hu2)max = gR2[0.125− 0.235(
z

R
) + 0.11(

z

R
)2] (2)

where ρs is the density of sea water which is equal to1100 kg/m3, Cd is the drag
coefficient (a value of 2.0 has been adopted) [10], B is the width of building in the
plane normal to the direction of flow, h is flow depth, and u is flow velocity at the
location of the building, z is the height of elevation of the building from the sea, R is
the inundation depth of tsunami and g is the acceleration due to gravity.

2.2 Buoyancy Force

Buoyancy force or the vertical uplift force is acting vertically through the center of
gravity of the building and below the building. Panon et al. [4] have specified the
buoyant force as a function of residual air space ratio Cb as given in Eq. 3. Where
Cb equal to 1 means no water enters into building and Cb equal to 0 represents entire
building is filled with water, Br andDr are the width and depth of the raft foundation
of the building and H is inundation Depth or Height of building.

Fb = ρsCbBr Dr H (3)

2.3 Overturning and Resisting Moment

Overturning moment (OM) and resisting moment (RM) are estimated using Eqs. 4
and 5 respectively for the different cases using the total weight of building (Ws)
which includes weight of raft foundation.

OM = FdH/2+ FbBr/2 (4)

RM = WsBr/2 (5)
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3 Parametric Study

In the present study, residual air space ratio, inundation depth and height of the
building are identified as important parameters which can contribute for the action
of overturning.

For carrying out the parametric study, a square building of plan dimension 8mx8m
as shown inFig. 1a is considered. Five buildings consisting of one storey to five stories
as shown in Fig. 1b–f with column and beam dimensions as shown in Table 1 are
included in the study. Slab thickness of buildings is assumed as 125 mm and a live
load of 3kN/m2 has been considered for all the cases. Seismic loads consistent with
Indian seismic code IS 1893 (Part 1) 2016 [11], for Zone III, importance factor 1
and response reduction factor 3 are adopted in the present study. Structural design
of beams and columns are carried out for load combinations prescribed in Indian
Standard for reinforced concrete design IS 456 2000 [12].

3.1 Residual Air Space Ratio (Cb)

Residual air space ratio is defined in such a way that Cb equal to 1 refers to the
case of no water entering into building and Cb equal to 0 represents entire building
is filled with water [4]. In the present study Cb values of 0.2, 0.4, 0.6, 0.8, and 1.0
have been considered and the variations of overturning ratio for different heights
of building and inundation depths are shown in Fig. 2. From Fig. 2a, it is seen that
when Cb is equal to 0.2 i.e. while the building is filled with 80% of water, OR values
are less than 1 which indicates that there is no chance of overturning for all the five
buildings considered and for all the inundation depths studied. Similarly, when the
values of Cb is equal to 0.4, wherein, 60% of the building is filled with water, there
are less chances of overturning for all the cases considered, except for one case of
two storey building with 12.5 m inundation depth. Chances of overturning exist for
about nine cases out of eighteen (50%) when the Cb is equal to 0.6. Further, twelve
cases out of eighteen (67%) have chances of overturning when the value of Cb is
equal to 0.8. On the other hand, when the value of Cb is equal to 1, i.e. when the
building is fully closed and no water enters the building, OR values are more than 1
for fourteen cases out of eighteen (78%) with the maximum value of OR being 2.18
for two storey building for 12.5 m inundation depth. An observation demonstrates
the importance of air void ratio in causing the overturning of building.

3.2 Inundation Depth (R)

Typical inundation depths of 5, 7.5, 10 and 12.5 m are considered for the parametric
study and the variation of OR with Cb for different inundation depths are shown in
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Fig. 1 Plan and elevation of building indicating the direction of hydrodynamic and buoyancy forces
a plan b one storey c two stories d three stories e four stories f five stories
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Table 1 Structural details of buildings

Sl. No No. of stories Dimensions of
beams (m)

Dimensions of
colum (m)

Thickness of
slab (m)

Thickness of raft
foundation (m)

1 One 0.23 × 0.23 0.3 × 0.3 0.125 0.15

2 Two 0.23 × 0.23 0.3 × 0.3 0.125 0.2

3 Three 0.23 × 0.325 0.325 × 0.325
(From Bottom
Storey No.1)

0.125 0.3

0.23 × 0.3 0.3 × 0.3
(Storey Nos. 2,
3)

0.125 0.3

4 Four 0.23 × 0.325 0.35 × 0.35
(Storey No.1)

0.125 0.4

0.23 × 0.3 0.35 × 0.35
(Storey No. 2)

0.125 0.4

0.23 × 0.3 0.3 × 0.3
(Storey Nos. 3,
4)

0.125 0.4

5 Five 0.23 × 0.325 0.4 × 0.4
(Storey Nos 1,
2)

0.125 0.5

0.23 × 0.3 0.35 × 0.35
(Storey No. 3)

0.125 0.5

0.23 × 0.3 0.3 × 0.3
(Storey Nos 4,
5)

0.125 0.5

Fig. 3. Linear variation of OR with Cb for different inundation depths are observed
from Fig. 3. Single and two storey buildings only have the potential hazard of over-
turning for the inundation depth of 5 m. Similarly, for the inundation depth of 7.5 m,
four and five storey buildings do not possess the chance of overturning. Single storey
building has maximum potential for overturning for 10 m and 12.5 m inundation
depths and these cases have not been included in the present study. About nine cases
out of eighteen (50%) and 13 cases out of eighteen (72%) have chances of overturning
for 10 m and 12.5 m inundation depths respectively.

3.3 Heights of the Building (h)

Five buildings of heights 3, 6, 9, 12 and 15 m representing one to five stories are
considered in the present study and the variations of OR with R for different heights
of building are shown in Fig. 4. From Fig. 4 it can be seen that, while the inundation
depth is more than the height of the building and theCb values aremore than 0.8 there
are maximum chances of overturning. Further, even while the inundation depths are
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Fig. 2 Variation of Overturning ratio with height of building for different inundation depths and
air void ratios a Cb = 0.2 b Cb = 0.4 m c Cb = 0.6 m d Cb = 0.8 m e Cb = 1.0

lesser than the height of building, there are chances of overturning for Cb values of
more than 0.8% of buildings overturned among the cases considered in the present
study are 60%, 60%, 40%, 30% and 20% respectively for the heights of 3 m, 6 m,
9 m, 12 m and 15 m.
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Fig. 3 Variation of Overturning ratio with air void ratio for different Inundation depths a R = 5 m
b R = 7.5 m c R = 10 m d R = 12.5 m

4 Model for Prediction of OR

Based on the parametric study, a model has been fitted for estimation of OR as given
in Eq. 6. Coefficient of correlation for the fit is 0.985, coefficient of determination
is 0.97 and root mean square error of fit is 0.0972. Plot of comparison of actual and
predicted OR for the data set of the parametric study is shown in Fig. 5.

OR = 0.089459+ 1.5151Cd + 0.00032127R − 0.028721h+
0.10242Cd R − 0.098968Cdh + 0.0033186Rh

(6)
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Fig. 4 Variation of Overturning ratio with Inundation depthfor different heights of building a h =
3 m b h = 6 m c h = 9 m d h = 12 m e h = 15 m

5 Conclusions

In this paper, variation of overturning ratio of building with residual air space ratio,
inundation depth and height of the building are studied. From the limited studies
made, it is observed that when Cb is equal to 1 or 0.8 while the building is enclosed
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Fig. 5 Validation of the
model proposed for OR

by walls when no water or minimum water enters the building, there are maximum
possibilities for overturning. OR is found to increase linearly with Cb. Similarly,
when the inundation depth is more, there is a maximum possibility of overturning of
building, however the variation of OR with R is not linear. Further, different heights
of buildings are observed to be vulnerable for different inundation depths which
can cause maximum OR. Based on the results of the parametric study a model for
overturning ratio has been proposed, which can be used for preliminary evaluation
of overturning ratio of building.
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Semi-active Seismic Vibration Control
Offshore Jacket Platforms

Minaruddin Khan and Diptesh Das

Abstract A semi-active control scheme for the vibration control of offshore steel
jacket platforms is developed. Decentralized sliding mode control (SMC) algorithm
is adopted for applying the control force to the structure with the help of Magneto-
rheological (MR) damper for alleviating the earthquake-induced vibrations. SMC
method is used due to its robustness against the parametric variations of the structures.
The command voltage to the MR dampers is regulated through the clipped-optimal
algorithm.A steel jacket platform, available in the literature, ismodelled inMATLAB
as an example to investigate the dynamic responses under the environmental loads.
The earthquakes ground motions, scaled to 0.3 g PGA, considered in the present
study are the El Centro (1940), Northridge (1994), San Fernando (1971) and Chichi
(1999). Results indicate that slidingmode controller is able to reduce the responses of
the offshore jacket platform significantly, subjected to different earthquake loads. It is
observed that the positions and the number of MR dampers affect the performance of
the controller to a great extend in the offshore jacket platforms. The control algorithm
is stable against the variations and uncertainties in structural parameters.

Keywords Offshore jacket platform · Semi-active control · Decentralized sliding
mode control · MR damper · Earthquake loads

1 Introduction

Recently offshore platforms play a key factor for the growth of industry, as the
platforms are mainly used to extract, drill and store oil and natural gases. The fixed
steel jacket platform is generally slender, flexible in nature, and installed in the water
at different required depths. The environment surrounding the structures is harsh
and hostile and make complexity for the erection and difficulties for employment of
control device. There are somemajor environmental loads act to the structures during
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their lifetime, which are nonlinear and dynamic in nature. The vibrations due to the
major dynamic forces induced bywave [1–3] and earthquake [4–6] and to some lesser
extent current [7] and ice [8] have the substantial affect to the structure and cause large
deformation and fatigue damage. Therefore, for the structural productivity, safety and
for the smooth and continuous operation, the amplitude of deformation due to the
vibrations should be a certain limit. During the last few decades, researchers have
been given afford to mitigate the vibrations using different isolator. State-of-the-arts
[9] reflect that the general trend for the vibration control systemgo along frompassive
to active and towards semi-active and hybrid as because these controller utilized the
advantages of both passive active control system.

Literature survey [4, 5, 10–12] show that the passive isolators, mainly, Tuned
Liquid Dampers (TLD), Viscous Dampers, Friction Damper Devices (FDD), Tuned
Liquid Column-GasDampers (TLCGD) andHydrodynamic BuoyantMassDampers
are used to attenuate the vibrations of the platforms. Passive controllers have the
drawback of their inadaptability to the changes in structural properties and loading
conditions. There are many active control schemes [6, 13, 14] has been performed
to overcome the shortcomings the passive dampers for the mitigation of the struc-
tural vibrations. However, complexity arise for the implementation of active control
scheme in the platform due to their sensibility and disruption during power failure.
Moreover, modelling error, time-delay and limited frequency bandwidth are the
disadvantages for the execution of the active controller.

Semi-active control scheme [15, 16] is an excellent approach for the vibration
control as these controllers utilized the benefits of both passive and active control
system. The major control algorithms, clipped optimal control algorithm [14], Bang-
Bang control algorithm [17], LQG algorithm [30], linear quadratic control algo-
rithm [18] and non-resonance control algorithm [19], are used for implementation of
semi-active control schemes. There are lot of assumptions and parameter variations
taken under consideration to develop a mathematical model for the water-structure
controller and even it is more challenging for random earthquake excitations. Sliding
mode control algorithm [20] works more effectively under the complex environment
for its implicit robustness and efficiency to cope up with parameter variations and
imprecisions.MRdamper has considered as a semi-active control device for its excel-
lence fluid properties. In presence of magnetic field, the MR fluid changes its state
from fluid to semi solid within millisecond and provides sufficient yield strength to
the platform to alleviate the vibrations against external excitations [21]. For control-
ling large-scale civil structures, decentralized control strategy have better efficiency
and robustness as compared to the conventional centralized control approach [22].

The objective of the present work to develop a robust control scheme to work
effectively under the adverse environmental condition and capable to reduce struc-
tural responses to be a satisfactory level. A semi-active control scheme with MR
damper device is proposed to mitigate the vibrations subjected to seismic ground
motions, namely, El Centro (1940), Northridge (1994), San Fernando (1971) and
Chichi (1999). Decentralized SMC algorithm is developed to supply the control
force to the MR dampers due to its inherent robustness with parameter variations
and uncertainties. For the supply of the required command voltage to MR dampers,
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Clipped Optimal algorithm is used. The proposed control scheme fulfill the objective
and motivation of the present study in terms response reduction in the deck of the
platform. A parametric study on the optimum number and place of installation ofMR
dampers is carried out to get best results in terms of response reduction of the plat-
form. Results show that control scheme is effective and bear significant contributions
toward structural stability and integrity.

2 Theoretical Formulation

Presence of water around the offshore structures make it differences with the conven-
tional civil structures. Therefore, water-structural interaction is also an important
factor has to be taken under consideration for the control of the vibrations. The drag
force due to the motion of the structures in the water act as dampers and enhance
structural stability. The equation of motion of the structures subjected to seismic
ground motion, written as [11]

Mẍ(t) + CPx(t)+Kx(t) = HU(t) + ηẍg(t) + f (1)

where, f = −Kd
({ẋ} + [1]ẋg

)∣∣{ẋ} + [1]ẋg
∣
∣ (2)

M = Ms + Ma,Ma = ρ(C1 − 1)B,Kd = ρCDA (3)

In Eq. 1 the term f reflects the effect water-structure interaction, which is consid-
ered as the absolute velocity dependent nonlinear dashpots, explain in Eq. 2. Ma

Ms, C and K are the added mass, the jacket platform mass, damping, and stiffness
matrices, respectively; ρ, Cl, CD, A and B are the sea water density, inertia coeffi-
cient, drag coefficient, area and volume matrices; ẍg is earthquake ground motion;
U(t) is vector to apply control forces; and η is an n-vector denoting the influence
of the earthquake excitation. The placement of the dampers are incorporate with
the denoting matrix (H). The formulation of damping matrix is based on Rayleigh
damping concept, which is proportional to mass and stiffness matrix [23].

2.1 Modelling of MR Damper

MR damper has excellence property that in presence of electrical field, the MR
fluid change it’s state from semi-liquid to solid within millisecond. To describe the
dynamic properties of MR Dampers, a numerical Bouc-Wen model is considered. It
is highly versatile and simple mechanical model consisting of Bouc-Wen element in
parallel with a viscous damper, used for denominating hysteretic behavior of the MR
damper. The numerical equations incorporating with Bouc-Wen model to produce
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force in the MR dampers [21] are given as follows

f = coẋ + αz (7)

.
z = −γ | .

x| z∣∣ .
z
∣∣n−1 + β

.

x| .
z | + Am

.
x (8)

z is the evolutionary variable important for the hysteretic loop which depends on the
response; γ β, n, and Am are carry their usual meanings. Two parameters α and co
depends on the control input voltage u as follows:

α = α(u) = αa + αbu (9)

co = co(u) = coa + cobu (10)

The expression of control voltage is given as first-order filter dynamics equation
induced in the system as follows:

u̇ = −η(u − v) (11)

where, u is required voltage applied to the current driver, and η is the time constant
of the first-order filter.

3 Methodology

Afour legged, 70mhigh steel jacket offshore platform available in literatureMousavi
et al. [11] is taken to investigate the efficiency and usefulness of the proposed control
scheme in terms of response reductions against seismic induced excitations. The
platforms have same properties in the both directions and all the elements are under
elastic limit. The density of water is 1000 kg/m3, the density of steel is 7800 kg/m3,
the drag and inertia coefficients are 0.7 and 2, respectively, and the deck mass of the
platform is 1000 tons. Lumpedmassmodel of the platform as five degree-of-freedom
system mentioned in literature [11], and its mass M and stiffness K matrix are given
below

K = 109×

⎡

⎢
⎢
⎢⎢
⎢
⎢
⎣

1 −0.444 0 0 0

−0.444 0.819 −0.375 0 0

0 −0.375 0.661 −0.286 0

0 0 −0.286 0.353 −0.067

0 0 0 −0.067 0.067

⎤

⎥
⎥
⎥⎥
⎥
⎥
⎦

(N/m), M =

⎡

⎢
⎢
⎢⎢
⎢
⎢
⎣

157 0 0 0 0

0 154 0 0 0

0 0 151 0 0

0 0 0 137 0

0 0 0 0 1087

⎤

⎥
⎥
⎥⎥
⎥
⎥
⎦

× 103 kg
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The diagonal elements of the area (AP ) and volume (VP ) matrices of the structural
[294, 289, 282, 202, 0] m2 and [258, 253, 248, 177, 0] m3, respectively. To formulate
the Rayleigh dampingmatrix, a value of 2% is taken as the damping ratio of all modes
in air [23]. MR damper is considered as an isolator in semi-active control system for
its excellence properties of fluid. The value of the parameters for 100-ton capacity
MRdamper is adopted from [21]. Themainmotive of the slidingmode controller is to
enter the structural responses into the sliding surface. The formulation of the sliding
mode control algorithm is carried out according to the formulae given in literature
[20]. The Clipped-Optimal algorithm proposed by Dyke [21] is used to govern the
input voltage delivered to the MR damper. The study is carried out on the base of
state space formulation in MATLAB Simulink. The time history responses, mainly,
top deck displacement, top deck acceleration, and base shear are the major interest
to reduce its amplitudes. The comparative study of controlled and uncontrolled of
these responses are carried for the earthquake ground motions (0.3 g peak ground
acceleration), namely, El Centro (1940), Northridge (1994), San Fernando (1971)
and Chichi (1999) [11]. A parametric study on the optimum number and place of
installation of MR dampers is carried out to get best results in terms of response
reduction of the platform.

4 Importance Outcomes

To investigate the effectiveness of semi-active control scheme, a steel jacket plat-
form is taken based on assumption that all elements of the structure remain elastic
during the external excitation. Control of top deck displacement and acceleration is
investigated for different arrangement of 100-ton capacity MR dampers placed in
the offshore platform. Following arrangement have been considered to analysis the
efficiency of the scheme for structural integrity.

1. Single MR damper placed in the fifth storey.
2. Two MR dampers placed in the four and fifth storeys.
3. Three MR dampers placed in the alternate storeys.
4. Four MR dampers placed in the top four storeys.
5. Five MR dampers placed all storey level.

Time histories responses of top deck displacement, acceleration and RMS value
of displacement for both controlled and uncontrolled with different arrangement of
MR dampers are shown in Figs. 1, 2 and 3 subjected to El ecntro (1940) ground
motion.

Results indicate that positioning five MR dampers towards the storey is the best
arrangement to get optimum response reduction. The top deck responses are effec-
tively reduced with the increase of MR dampers. It may be noted that MR dampers
are placed on five floors have slight greater reduction of responses other than four
dampers are placed towards top four floors but, the position of MR damper near the
base of the structure is not a feasible option to install due to requirement of high cost,
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Fig. 1 Variation of top deck displacement with different arrangement of MR dampers subjected to
El ecntro (1940)

Fig. 2 Variation of top deck acceleration with different arrangement of MR dampers subjected to
El ecntro (1940)
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Fig. 3 Variation of top deckRMSvalue of displacementwith different arrangement ofMRdampers
subjected to El ecntro (1940)

maintenance and operation. Controlled and Uncontrolled responses of displacement,
acceleration, velocity and RMS values of displacement, and their corresponding
percentage of reduction (%R) for various arrangement of MR dampers against El
ecntro (1940) ground motion are shown in Table 1. Therefore, based on the results,
four dampers placed on top four floors is taken as an optimum option to study
the performance of the scheme against earthquake excitations. Table 2, also reflects
similar trend in terms of top deck amplitude reduction for displacement, acceleration,
4th interstory drift and base shear against various earthquake motions. Reduction of
base shear bears important for cost optimization; the proposed scheme reduces the
base shear (Fig. 4) effectively, which implies less cost involvement for construction.
The proposed scheme reduces the inter-storey drift (Fig. 5) and provide stability to
some extent.

The effectiveness of the controller does not vary with the sling margin (Fig. 6),
therefore, the controller is robust against the parameter uncertainties. As per theory,
Sliding surface (S) should be zero but, Fig. 7 shows that response trajectory does
not coincide with the sliding surface; this is due to presence of external distribution
but the average values of the sliding function tend to be zero. The clipped control
algorithm operates as an “on–off” mode, maximum 10V supplied to theMR damper.
The voltage operation, switch between 0 to 10V to the 100 tonMRDampers is shown
in Fig. 8.
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Table 2 Controlled (C) and Uncontrolled (UC) amplitude of top deck displacement, acceleration,
4th inter-storey drift and base shear for optimum condition

Forces Top deck
displacement (cm)

Top deck

acceleration (cm/s2)

Base-shear (ton) Inter storey drift
(cm)

UC Semi-active UC Semi-active UC Semi-active UC Semi-active

El ecntro
(1940)

18.244 3.440 58.673 32.64 494.88 433.02 2.694 0.474

Chi-Chi
(1999)

22.902 6.352 32.187 16.03 305.33 275.35 4.423 1.093

San
Fernando
(1971)

20.628 4.960 49.813 26.75 495.10 439.02 3.854 0.891

Northridge
(1994)

15.643 3.896 57.123 47.18 446.41 439.80 3.155 0.624

Fig. 4 Time–history
variation of base shear
subjected to El Centro
earthquake
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5 Outcomes

There are some certain major conclusions brought out from the present numerical
study are enlightened below. The decentralized sliding mode controller using MR
damper isolator is capable to reduce the vibrations of the fixed jacket platform against
multiple earthquake loads and the number of the MR dampers and its position of
installation affect the performance of the controller largely to improve the safety,
stability and integrity of the platform. To control structural damage like, cracks and
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fatigue, displacement reduction is inevitable and for human easement acceleration,
reduction is essential. The control scheme is effective to fulfill the bi-objective, accel-
eration and displacement reduction. The control system is robust against parametric
uncertainties and work function is smooth under the harsh and hostile environment
and to some extent reduce base shear effectively.
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Lateral Capacity of Skirted Footing
Resting on Level Ground

Khalid Bashir, Rajesh Shukla, and Ravi S. Jakka

Abstract The paper presents the performance of a square footing with structural
skirts resting on sand and subjected to a lateral load through a numerical study.
Strip footings are subjected to lateral forces induced by earthquake movements,
wind loads. The lateral forces acting on the footings may be predominant in certain
structures such as waterfront structure, earth retaining structure and transmitting
power towers. There has been a lack of information about the performance of skirted
footings subjected to lateral loads. The results of this study revealed that skirted
foundations exhibit lateral capacity values that are near, but not exact, to those of
block foundations of the same width and depth. The enhancement in the lateral
capacity of skirted foundation increases with increasing skirt depth and shearing
resistance of sand.

Keywords Skirts · Lateral load · Enhancement

1 Introduction

The term skirted foundations are used to identify strip foundations with driven sheet
piles fixed at their circumference. The skirts form a plug in which soil is strictly
confined and works as a unit with the overlain foundation to transfer the load of
superstructure to soil essentially at the level of skirt tip. Vertical skirts can be used
with newand existing shallow foundations of square, rectangular, and circular shapes.
Skirted foundations have been used extensively for offshore structures based on their
ease and short time of installation compared with deep foundations such as piers and
piles. Behavior of skirted foundations for such structures has been studied by several
researchers using both numerical and physical modeling [e.g., 1, 2, 3, 4]. Because
the offshore structures usually involve cohesive marine deposits, these studies have
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been focused on predicting the undrained shear strength behavior of the deposits
enclosed and overlain by skirted foundations.

Tani and Craig [5] studied Bearing Capacity of Circular Foundations on Soft Clay
of strength increasing with depth, and they mentioned that the lower-bound solutions
underestimate the bearing capacity at deeper embedments, although their results
are limited to embedments of only 30% of the foundation diameter. Bransby and
Randolph [1] mentioned that little work has been done to study the effect of the shape
of skirted foundations under the combined loads. Bransby and Randolph [6] studied
the effect of embedment depth on the undrained response of skirted foundation. Hu
et al. [7] Studied a circular bucket offshore foundation on non-homogeneous soil and
commented on the effect of side friction in enhancing bearing capacity. Aghbari and
Mohamedzein [8] studied Bearing Capacity of Skirted Foundation and suggested
Inclusion of Skirts can enhance the bearing capacity 1.5–3.9 times. Yun and Bransby
[9] studied this case using centrifuge modeling and compared the test results with the
existing raft foundation without skirts to see how much skirts increase the bearing
capacity. They proved that the skirts increase the horizontal bearing capacity up to
3–4 times. Watson and Randolph [10] mentioned that in soils with low strength at
the surface, skirted foundations are being used as an alternative solution to deep
foundations. Tani and Craig [5] suggested that the soil above the level of the skirt
tips has a little effect on the foundation response especially for the case of strip
footings. Hu et al. [] studied the bearing capacity response of skirted foundation on
nonhomogeneous soils; they concluded that the effect of the topsoil layer disappears
once the embedment of the footing is greater than two times the diameter, as the
failure mode changes to confined plasticity rather than a plastic mechanism reaching
the soil surface.

2 Problem Definition

The main objective of this study is to determine the lateral capacity for a skirted
footing of width B, which is placed horizontally on the ground surface having, as
shown in Fig. 1. The soil is assumed to be entirely plastic and, it follows the Mohr–
Coulomb failure criterion and an associated flow rule; the latter assumption ensures
that the theorems of the limit analysis remain applicable.

2.1 Numerical Simulation

In order to estimate a solution, a domain as illustrated in Fig. 1, is being chosen.
The domain and the associated different stress boundary conditions which are appli-
cable along the footing-soil interface, ground surface, and the chosen boundaries,
are illustrated in Fig. 1. The extent of the domain is kept sufficiently large so that in
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Fig. 1 Chosen domain and boundary conditions

the event of collapse, the region of the soil mass around the selected boundaries does
not yield.

An extensive 3D finite-element analysis was carried out using the OptumG2 soft-
ware package (Krabbenhoft 2017) 1] to study the effects of skirts on the behavior
of axially loaded surface foundations resting on sand. An limit analysis based on
the Mohr–Coulomb failure criterion and following associated flow rule was used for
soil modeling in FELA, as this constitutive model has been widely accepted both
in static and pseudo-static analysis of slope stability [1]. The foundation shapes and
dimensions used in the analysis are shown in Fig. 1. Rigid plates having a thickness
of 50 mm were considered in the analysis to represent the skirts. This thickness was
selected to yield skirt stiffness (moment of inertia) similar to those of the commer-
cially available typical steel sheet-pile sections used for foundation skirts. To study
the effect of meshing and element type and size, FE models of the foundation on
level ground (H= 40 m with properties as shown in Table 11) were developed using
conventional and adaptive meshing options with lower bound (LB), upper bound
(UB), 6-node Gauss, and 15-node Gauss, triangular plane strain elements available
in OptumG2. Fifteen-node gauss plate elements composed footing and skirts. No
particular elements were utilized at the concrete-sand or the steel-sand interfaces.
Instead, a sand interface strength factor of 1.0 that is suitable for representing rough

Table 1 Parameters
considered for numerical
analysis

Parameters Value

Cohesion (c) 0

Angle of internal friction (º) 25–45

Dry unit weight (kN/m3) 18

Drainage condition Drained

Failure criteria Mohr–Coulomb

Skirt soil interface Rough
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Table 2 Percentage increase in bearing capacity for various soils with an increase in the length of
skirts

L/B ϕ = 30 ϕ = 35 ϕ = 40 ϕ = 45

0.5 237.4 186.9 144.7 114.6

1 67.09 59.3 52.97 47.4

1.5 42.2 38.3 34.6 31.1

2 30.9 29.8 28.2 25.9

surface-soil interaction was used in the analysis of surface, pier, and skirted foun-
dations. To minimize the boundary effect, the distance of the finite-element mesh
boundary from the foundation edges was set to 7B. A similar distance was taken for
the vertical extension of sand below the base of surface foundations and the tip of
skirts for skirted foundations. The properties used to describe thematerials employed
in the numerical analysis are shown in Table 12–14.

3 Results and Discussion

The effects of the skirt length on lateral capacity were analysed for various internal
friction angles of the soil. The effects of these parameters are discussed separately
in the following two sections, i.e., the effect of skirt length, the effect of angle of
internal friction. Some of the typical results are presented for soil of internal friction
30º only.

3.1 Effect of Skirt Length (L/B)

Figure 2 shows the effect of the length of the skirts on the lateral capacity for various
internal friction angles of the soil. The lateral capacity increases with an increase in
the length of skirts, but the percentage increase is high during the initial embedment
of skirt length. For the internal friction angle of 30, the effect of the skirt depth is
significant when the length of the skirt is 0.5B. The percentage increase of 238% is
seen for length of skirt 0.5B, while as for length of skirt 2B percentage increase of
31% is seen. Similar trends are seen for soils with increased internal friction angles
as shown in Table 1. This is because an increase in the length of skirts leads to
an increase in the depth of foundation. Further, with an increase in depth of skirts,
the percentage increase is lower for higher depths is due to moments caused by the
application of lateral loads. Figure 3 presents the failure pattern of skirted footing
with varying skirt depth when subjected to lateral loads. Results indicate sliding
failure predominates during small length of skirts and with an increase in length of
skirts moment also comes into play (Table 2).
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Fig. 2 Variation of lateral load capacity with length of skirts

Fig. 3 Failure patterns for ϕ = 30º with varying skirt lengths
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Fig. 4 Variation of bearing capacity and lateral capacity with angle of shearing resistance

3.2 Effect of Angle of Internal Friction

The effect of the angle of internal friction of soil on the bearing capacity is presented
in Fig. 4. In addition to the surface footing, the results are presented for the skirted
footing with varying skirt depth. For a particular skirt length, the bearing capacity
increases with an increase in the friction of the soil. Furthermore, the increase in the
bearing capacity is varying with the length of skirts, and this variation is depending
significantly on the angle of friction. The increase in the bearing capacity with an
increase in the friction angle of soil is higher for angle of friction greater than 35. In
comparison to the soil with a low internal friction angle, the pressure is distributed
over a relatively large area in the case of soils with higher friction angle. To mobilize
the strength of the soil thoroughly, the footing resting on the dense sand requires
a relatively large area. In the loose sands, the failure is either a local shear failure
or a punching shear failure, and in both cases, the footing sinks without affecting
the surrounding area. Similar to the present study, almost all previous studies also
found that the bearing capacity increases with the increase in the angle of shearing
resistance or the relative density of the soil. Figure 5 presents the failure pattern of
skirted footing with varying skirt depth when subjected to vertical loads.

3.3 Effect of Embedment Depth of Footing

Table 3 represents the comparison between the bearing and lateral load capacities
of strip and skirted footing with the same embedment. The results are presented for
strip footing at same embedment as the length of skirts.
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Fig. 5 Bearing capacity failure patterns for ϕ = 30º with varying skirt length

Table 3 Comparison between the bearing and lateral load capacities of the strip and skirted footing
with the same embedment

Embedment (D/B) Bearing capacity Lateral capacity

Strip footing (kN) Skirted (kN) Strip footing (kN) Skirted (kN)

0.5 396.76 393.84 48.86 46.98

1 576.72 579.94 87.43 76.12

1.5 747.7 754.7 129.04 102.21

2 944.69 936.75 178.42 127.51

0.5 396.76 393.84 48.86 46.98

4 Conclusions

The study was carried out to understand the effect of skirts on the lateral capacity
of skirted footing resting on cohesionless soils. The lateral-capacity for a skirted
foundation was determined using an limit analysis for various soil-friction angles
and skirt lengths. The lateral carrying capacity of skirted footing increases with
increase in the length of skirts. The percentage increase is highest for small skirt
lengths and for all internal friction angles of the soil. Further the lateral capacity
increases with the increase in the angle of shearing resistance due to more area
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taking part in mobilizing the shear strength. The deformation of sand underneath the
skirted foundation is also investigated up to the failure. The mode of failure changes
from sliding to rotational with the increase in length of skirts. The failure surface of
footing without skirts is just below the foundation base and fails by sliding failure.

Acknowledgements The authors are grateful to Optum Computational Engineering (OptumCE)
for providing a free academic license to perform the present study.
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A Case Study of Las Palmas Tailings
Dam Failure

T. S. Aswathi, Ravi S. Jakka, and David Frost

Abstract The increasing demand for minerals and their subsequent mining causes
tailings to be produced in large amounts. Hence, tailings dams have increased in
number as well as height to accommodate more storage capacity. Failure of these
structures is dangerous with respect to toxic exposure, landslides, liquefaction, etc.
In this study, the possible failure mechanisms of the Las Palmas tailings dam, which
failed following the 2010 Maule, Chile earthquake, have been examined. Numerical
simulation of the dam is carried out using the GeoStudio package to assess the
condition of the dam during this seismic event and a pseudo-static analysis is carried
out. The strong ground motion of the 2010 Maule, Chile earthquake recorded at
three of the stations near the dam site was used as input since there is no record
available at the tailings dam site. Slope stability analysis is performed to understand
the possible failuremechanism.TheMohr–Coulomb failure criterion is used to define
the material properties. Furthermore, the simulation results are compared with the
final dam failure scenario.

Keywords Tailings dam · Earthquake · Slope stability · Pseudo-static analysis

1 Introduction

Tailings are the by-product of the mining industry from the mineral extraction
process. Normally, the particle size distribution of tailings varies from medium sand
to silt and clay size. These by-products in the form of slurry are transported to
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a disposal area through pipelines. There are different disposal techniques such as
sub-aerial discharge, subaqueous discharge and thickened discharge which can be
used for distributing the slurry. In the process of distribution, the coarser particles
settle close to the point of discharge, and the fine particles run down the beach into
the pond and settle there. Tailings are generally stored in surface impoundments,
which commonly consist of raised embankments. The raised embankment is gener-
ally constructed with either of the following raising methods: upstream, downstream
or centerline [1]. Of the raised embankment construction, the downstream method
is the most stable construction [2, 3, 1].

With an increase in mineral extraction annually, the tailings containing toxic
chemicals that are harmful to the environment are produced hugely in large quan-
tities. Therefore, it is necessary to store the tailings in an environmentally safe and
economical way. In order to contain the increased amounts of tailings, the height
of the tailings has to be increased. With increasing tailings height, there is a risk
of tailings dam failure [4–7, 3, 8, 9]. The main concern with a tailings dam is the
stability during the mining operation and after its closure. From the studies, it is seen
that a total of 198 tailings dam failure has occurred before the year 2000, about 20
failure cases between the years 2000 and 2010 [4] and 11 other cases from 2010 to
2015 [10]. According to these statistical results, the rate of failure of tailings dams
is estimated to be 1.2%, which is more than the failure rate of conventional water
retention dams which is about 0.01% [4, 11]. The high failure rate of tailings dams
has led to increasing awareness of the need for enhanced safety in the design and
operation of tailings dams.

In this paper, the stability of the Las Palmas tailings dam under the February
27, 2010, Maule, Chile earthquake is studied. This earthquake is the sixth-largest
recorded earthquake since 1900 and occurred at 3:34 am local time with a moment
magnitude of 8.8 with its epicenter of the coast of Bio Bio, Chile. The hypocenter
is located at an approximate depth of 35 km (21.7 miles) at about 95 km (60 miles)
off the coast and 335 km (210 miles) southwest of the capital of Santiago. The Las
Palmas tailings dam contains the tailings from a gold mine operated between 1981
and 1997. The tailings dam was constructed in four stages during the operation span
of the mine. During the earthquake the tailings dam became unstable and the flow
slide happened. The failed tailings traveled approximately 500 m. The collapse of
the dam caused the death of 4 people living nearby. The sand boils in the tailings
indicated liquefaction failure (Villavicencio 2014).

2 Methodology

The analysis was carried out using the GeoStudio package (SLOPE/W) with the
model being made with respect to the longitudinal cross-section of Las Palmas tail-
ings dam (Fig. 1). In this paper to distinguish the slopes in the dyke of tailings with
ease, three terms were introduced, namely upstream dyke, downstream dyke and
middle dyke. The two dykes constructed using the upstream method of construction
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Fig. 1 Cross-sectional view of Las Palmas tailings dam (Note: The horizontal and vertical scales
are different)

in the left-hand side of the cross-section are referred to as upstream dykes. Like-
wise, on the right-hand side, the dykes constructed using the downstream method
of construction are referred to as downstream dykes. Similarly, in the middle of the
cross-section, the dykes constructed similar to the centerline method of construc-
tion (but there were tailings between the two dykes) are referred to as middle dykes
(Fig. 1).

In order to study the dynamic response of the tailings dam, a pseudo-static method
is used. The pseudo-static method is an extension of the static slope stability method.
The inertial forces created during earthquake shaking are represented using seismic
coefficients in this process. These inertial forces are disintegrated into vertical (Fv)
and horizontal (Fh) components. Hence, the two seismic coefficients are horizontal
seismic coefficient (kh) and vertical seismic coefficient (kv). The selection of an
appropriate seismic coefficient is themost important, and difficult, aspect of a pseudo-
static stability analysis.

In theory, the seismic coefficient kh is taken as PGA recorded at different stations
though typically it is taken as 1/3 to 1/2 of crestal acceleration. Due to the unavail-
ability of studies on crestal amplification, this assumption of seismic coefficient equal
to recorded PGA is taken in order to take into account the crestal amplification. Here,
the seismic coefficients are considered by dividing the peak ground acceleration by
gravity. As with any other slope stability analysis, slope/w considers a possible slip
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surface and divides the failure mass into slices. The seismic coefficients are used to
calculate the forces created by the earthquake (Fig. 2). Then the overall equilibrium
computation for the individual slices composing the failure surface is done.

For doing this, initially the model is prepared by drawing the cross-section of the
dam. Then defining the material properties using the Mohr–Coulomb failure criteria
(Table 2),the water table is defined approximately from SPT bore logs given in [12].
The stability analysis is carried out using Morgenstern–Price method and for the
pseudo-static analysis additionally seismic coefficients (Table 1) are inputted. As
there were no earthquake records for the tailings site, three nearby stations Curico,
Talca and Hualane stations (Fig. 3) were taken for the study. Then the analysis is run,
the minimum factor of safety obtained from possible slip surfaces are considered as
a critical factor of safety and it is stated in the result section (Fig. 4).

Fig. 2 Pseudo-static procedure illustration considering downstream dyke

Table 1 Stations and their
corresponding PGA and kh
values

Station PGA (cm/s2) kh

Curico 461.07 0.47

Hualane 382.59 0.39

Talca 470.88 0.48

Table 2 Material properties
considered in the study

Material type Phi, ∅
◦ Cohesion (in

kN/m2)

Unit weight (in

kN/m3)

Containment
wall

26 23.9 15.7

Tailings 10.5 11.97 14.9
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Fig. 3 Location of Las Palmas tailings dam along with Curico, Talca and Hualane stations

Fig. 4 Time history records at Curico, Hualane and Talca stations

3 Results and Discussion

The analysis was carried out in the following way: first, the static slope stability and
then the seismic slope stability using the pseudo-static method. The pseudo-static
analysis has been carried out for the motions which are recorded at three nearby
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stations to the tailings dam. This was done as there was no strong motion record
recorded on the site. As the effect of the vertical seismic coefficient is negligible,
only horizontal seismic coefficients are considered for this study. Table 1 gives the
PGA and horizontal seismic coefficients of the three stations. Figure 5 shows that the
factor of safety in themiddle and downstream dyke are 2.325 and 1.472, respectively,
indicating the tailings dam is stable under static conditions. Figure 6 shows that the
factor of safety corresponding to the seismic coefficients 0.47, 0.39 and 0.48 in the
downstream dyke are 0.806, 0.846 and 0.796, respectively. And Fig. 7 shows that
the factor of safety corresponding to the seismic coefficients 0.47, 0.39 and 0.48 in
the middle dyke are 0.935, 1.061 and 0.922, respectively.

From Table 3, it is seen that there is a decrease in stability under earthquake
loading. Further, the pseudo-static factor of safety is less than one in all the cases
for the downstream dyke, i.e., it is unstable during earthquakes, whereas the middle

Fig. 5 The static slope analysis of Las Palmas tailings dam before an earthquake

Fig. 6 The Pseudo-static factor of safety of downstream dyke corresponding to horizontal seismic
coefficients of 0.47, 0.39 and 0.48
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Fig. 7 The Pseudo-static factor of safety of middle dyke corresponding to horizontal seismic
coefficients of 0.47, 0.39 and 0.48

Table 3 Factor of safety of
dykes at different conditions

Condition Middle dyke Downstream dyke

Static 2.325 1.472

Pseudo-static for kh 0.47 0.935 0.806

Pseudo-static for kh 0.39 1.061 0.846

Pseudo-static for kh 0.48 0.922 0.796

dyke is more stable in the static as well as pseudo-static cases when compared to
that of downstream dyke. However, the factor of safety is around one (slightly more
or less than one) indicating that a slight increase in seismic force is enough to make
the middle dyke unstable.

4 Summary and Conclusions

Las Palmas tailings dam was built from a gold mine operated between 1981 and
1997. It was constructed in four stages. All three types of raised construction have
been used in the construction of this tailings dam. In the middle dyke, there is a layer
of tailings because of stage 3 and stage 4. This layer happens to be the weak layer.
Many literature points this to cause the failure of the middle dyke. In this paper, the
Las Palmas tailings dam stability during theMaule, Chile earthquake is studied using
pseudo-static analysis.

The following conclusions are drawn from the study. The tailings dam is stable
under static conditions.However, the pseudo-static analysis representative of stability
under earthquake indicates that the dam is unstable under the Chile earthquake. The
slope stability of the middle dyke is more in the case of both the static as well
as pseudo-static cases when compared to the downstream slope. This proposes the
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mechanism that the downstream dyke failed first and then the middle dyke during the
earthquake. Upon the failure of the downstream dyke, the contained tailings flowed
down which further triggered the failure of the middle dyke, that is, the flow failure
occurred.
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Soil-Structure-Interaction Study
and Safety Assessment of Ventilation
Stack for Extreme Wind Events
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Abstract Ventilation Stack structure of a typical Nuclear Power Plant (NPP) is
analysed and designed for a design basis wind velocity corresponding to 1000 years
return period. Subsequent to the Fukushima Event, as a part of safety assessment
of NPP structures, assessment of structural integrity of stack structures has been
taken up against extreme natural events i.e., beyond design basis wind loading in
both along and across wind direction using non-linear. In the present work, detailed
Soil-Structure-Interaction (SSI) analysis of typical stack structure of NPP modeled
as 3D finite element along with soil has been carried out in Abaqus software under
sustained plus along and across wind load corresponding to extreme wind condition.
Mohr–coulomb plasticity model is used for continuum soil medium. Elasto-plastic
behaviour of the raft-soil interface is simulated using Coulomb friction model avail-
able in Abaqus. Steel reinforcements have been introduced at relevant layers/sections
of the stack. Transverse shear deformation in element formulation and geometric non-
linearity due to large deformation has been considered during the analysis.Non-linear
analysis with detailed material characterization and failure models for both concrete
and reinforcement has been carried out for a realistic estimation of post-cracking
margins and to understand the non-linear behaviour of the stack at various load
steps. This paper presents the analysis methodology for safety assessment of wind
sensitive stack structures against beyond design basis wind with due consideration
to SSI effects. The analysis procedures, material models adopted for the analysis,
etc. and the analysis results under extreme wind have been discussed in this paper.
Based on the results of the nonlinear analysis safety margin with respect to beyond
design basis wind speed has been established.
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1 Introduction

Safety is the ultimate objective in the process of design, construction and operation of
Nuclear Power Plants (NPPs). It is given the prime importance as it has to sustain all
environmental, accidental and human-induced loads under all operating conditions.
Defence-in-depth approach is embedded as safety philosophy in the entire plant engi-
neering so that multiple barriers protect the release of radioactivity in an event of
nuclear accident inside the containment. Consequent to the Beyond Design Basis
Events (BDBE), i.e., Extreme Earthquake Event (EEE) and subsequent Tsunami,
that affected Fukushima Nuclear Power Plants (NPP); it was required to evaluate the
safety of NPPs under similar conditions. For evaluation of safety of NPPs against
extreme natural events beyond design basis; consideration of site specific postu-
lated scenarios for each of the extreme natural events viz., Earthquake, Tsunami,
and Wind has been emphasized. Ventilation stack being the wind-sensitive structure
is required to remain functional during BDBE and the collapse of the same may
endanger the functionality of the surrounding buildings supporting essential systems
required under beyond design basis condition. In this paper assessment of structural
integrity of ventilation stack structures has been taken up against extreme natural
events beyond design basis wind using non-linear analysis in Abaqus software. As a
first order estimate, the beyond design basis wind speed have been estimated to the
one corresponding to 1000 years return period wind increased by 50% and rounded
off to nearest 10 m/s speed. In the present analysis, site specific beyond design basis
wind speed value considered is 100 m/s.

Detailed Soil-Structure-Interaction (SSI) analysis of typical ventilation stack
structure of NPP has been carried out under sustained plus along and across wind
load corresponding to extreme wind condition. The ventilation stack is modeled as
3D reinforced concrete shell element along with the 3D solid element of soil. Mohr–
coulomb plasticity model is used for simulating the behaviour of soil medium. The
initial state of stress in the soil is modeled by activating the geo-static step. The inter-
face behaviour of raft and soil (frictional force vs. relative displacement) is simulated
using Coulomb friction model available in Abaqus [1]. The unbounded or infinite
soil medium is approximated by extending the finite element mesh to a far distance,
where the influence of the surroundingmedium on the region of interest is considered
small enough to be neglected. Steel reinforcements have been introduced at relevant
layers/sections of the stack. Transverse shear deformation in element formulation
and geometric non-linearity due to large deformation has been considered to account
for changes in geometry during the analysis. Non-linear analysis with detailed mate-
rial characterization and failure models for both concrete and reinforcement has been
carried out for a realistic estimation of post-cracking margins and to understand the
non-linear behaviour of the stack at various load steps under beyond design basis
wind speed. This paper presents the analysis methodology for safety assessment of
wind sensitive stack structures against beyond design basis wind with due considera-
tion to SSI effects. The analysis procedures, material models adopted for the analysis,
etc. and the analysis results of a typical ventilation stack under extreme wind have



Soil-Structure-Interaction Study and Safety Assessment … 77

been discussed in this paper. Based on the results of the nonlinear analysis safety
margin with respect to beyond design basis wind speed has been established.

2 Development of Integrated Finite Element Modeling
of Stack and Soil Medium

Developing the integrated finite element model involves geometric and finite element
modeling of stack and soil medium.

2.1 Finite Element Modeling of Stack and Soil Medium

Theventilation stack structure consists of a reinforced concrete (RC) shell andRC raft
foundation. Stack is modelled as 3D finite element (FE) along with raft and opening
for underground ventilation tunnel on north face. The ventilation stack is 140mabove
ground level. The cylindrical shell is rigidly connected at base with the annular raft
foundation. The outer and inner diameters of annular raft foundation are 24 m and
8 m respectively. Opening of size 2.2 m wide and 1.8 m deep is made in the shell for
taking the underground ventilation tunnel provided to carry the exhaust duct into the
stack. Stack is divided into different sections to account for variation of thickness of
RC shell structure of stack varying linearly from bottom to top. Steel reinforcements
have been introduced at relevant layers/sections of the element. Reinforcement in
stack has been modelled as a smeared layer with a constant thickness equal to the
area of each reinforcing bar divided by the reinforcing bar spacing. Quadrilateral four
noded shell elements are used for modeling the ventilation stack. Nine integration
points are used in thickness direction of the shell help in tracing the progress of
cracks through the depth of the shell. Transverse shear deformation is considered
in the element formulation by assuming that the normal to the mid-surface of the
element remains straight but not necessarily normal during deformation. Geometric
non-linearity due to large deformation has been considered to account for changes
in geometry during the analysis. 3D geometric and FE model of stack is shown in
Fig. 1. The founding media of site considered in the present analysis is soft alluvium.
The annular raft of stack is founded on alluvium soil which has been modelled using
combination of 3D solid tetrahedral and wedge element. 3D geometric and FEmodel
of soil medium is shown in Fig. 2. The geometric and FE model of the ventilation
stack along with the soil medium is shown in Fig. 3.
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Fig. 1 Geometric and Finite Element Model of Stack

Fig. 2 Geometric and Finite Element Model of Soil Medium

2.2 Elasto-Plastic Constitutive Relationship for the Soil
Medium

In the present work, Mohr–coulomb plasticity model is used for simulating the
behavior of soil medium. The Mohr–Coulomb criterion considers that failure is
controlled by the maximum shear stress and that this failure shear stress depends on
the normal stress. The Mohr–Coulomb failure line is the best fit straight line that
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Fig. 3 Geometric and Finite Element Model of Stack Along with Soil Medium

touches the Mohr’s circles.

τ = c + σ tanφ (1)

where, τ is the shear strength, σ is the normal stress, c is the cohesion and φ is the
angle of internal friction.

2.3 Simulation of In-Situ Stress State

The initial state of stress in the soil is considered to be geo-static in nature. The
geostatic stress condition means that at any point of time, soil is subjected by vertical
stress, σ z = γ × h, and lateral stress, σ L = k0 × γ × h, where γ is the density of
soil, h is depth and k0 is the lateral coefficient of earth pressure at rest. It is required
to consider this initial state of stress in the soil before application of the load to
structure. The value of k0 is specified as follows:

k0 = 1 − sin φ (2)
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2.4 Modeling of Semi-Infinite Soil Medium

The unbounded or infinite soil medium can be approximated by extending the finite
element mesh to a far distance, where the influence of the surrounding medium on
the region of interest is considered small enough to be neglected. This approach
calls for iteration with mesh sizes and assumed boundary conditions at the truncated
edges of the mesh and the same approach is used for finalizing the extent of boundary
of soil medium. This process of finalization of boundary is problem specific. In the
present work, finite element model of soil medium of 60m diameter and 100m depth
has been considered based on the iterative analysis wherein effect of the boundary
condition is not observed.

In all the cases, x (North–South), y (East–West) and z (vertical) translations at the
bottom of the soil are not allowed. Similarly, x-translation is not allowed in yz plane
of soil, and y-translation is not allowed on xz plane of soil.

2.5 Modeling of Contact Zones (Raft-Soil Interface)

The soil-structure interaction analysis requires considerations of the interaction or
coupling between the structure and the founding media. When stack is subjected to
wind loading, raft interacts with the soil. Hence, for simulating normal and tangential
behavior of the interface between raft and soil, Coulomb friction model available in
Abaqus has been utilized for raft-soil interaction.

Tangential Behaviour: The interface behavior of the raft and soil (Frictional force
vs. relative displacement) is pictorially shown in Fig. 4. The interaction behavior is
divided into two parts (a) Sticking phase and (b) Slipping phase. Initially, during the
sticking phase, raft-soil interface allows some relative motion (elastic slip) between
the raft and the soil surface. Once the induced shear stress between the raft and
soil reaches the critical shear stress, the interface enters in the slipping phase. The
above sticking and slipping phase of the raft-soil interface is simulated using elastic
coulomb friction model. In this model, the critical shear stress (τcrit) is defined as:

Fig. 4 Raft soil interface behavior (Tangential Direction)
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Fig. 5 Behavior of raft-soil
interface in normal direction

τcrit = min
(
μp′, τmax

)
(3)

Normal Behaviour: Normal contact pressure develops, when raft moves verti-
cally towards the soil. Under such situation, area of the raft, which is in contact with
soil, will develop normal stress. This phenomenon is simulated in the analysis using
relationship as shown in Fig. 5.

To model the contact property between the raft and soil surface material, it is
essential to obtain the friction factor (μ), maximum shear stress (interface shear
strength, τmax) and elastic slip (γ crit) values. The design value of the friction or
adhesion below the raft and walls to be mobilized at an interface with the structure
is usually considered as 75% of the design shear strength to be mobilized in the soil
itself [2]. Values of friction factor considered as:

μ = 0.75 ∗ tanφ (4)

The design value of strength to be mobilized below the raft and walls to be an
interface with the structure is usually considered as 75% of the design shear strength
of the soil itself [2]. The design interface shear strength is:

τmax = 0.75 ∗ (
c + σ ′ tan φ

)
(5)

An elasto-plastic model is used to define the behavior of the interface for the
modeling of soil-structure interaction. The above-mentioned criterion is used to
distinguish between elastic and plastic interface behavior. For the interface to remain
elastic the shear stress τ is given by:

τ < τmax (6)

The minimum slip required for the full mobilization of frictional resistance is
known as critical slip (γ crit). The default value given in Abaqus is used in the present
study.
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Fig. 6 Stress–strain behaviour of concrete under compression

3 Material Model

The concrete damage plasticity model is used for concrete reinforcement in the
present nonlinear analysis. The material model is a continuum, plasticity-based,
damage model for concrete. It assumes that the main two failure mechanisms are
tensile cracking and compressive crushing of the concrete material. Kent and Park
Model have been used to consider the stress strain behaviour of concrete under
compression. The material model in tension as suggested in Japanese codes JSCE
JGC-15 has been considered for concrete. The grade of concrete considered in the
analysis is M20 and for steel is FE415.

3.1 Stress–Strain Behaviour of Concrete Under Compression
(Kent & Park Model)

Kent and Park proposed a stress–strain curve for concrete confined by rectangular
hoops as shown in Fig. 6. A second-degree parabola represents the ascending part of
curve and assumes that the confining steel has no effect on the shape of this part of
curve or the strain atmaximum stress. This essentiallymeans that the ascending curve
is exactly the same for both confined and unconfined concrete. It is also assumed that
the maximum stress reached by confined concrete is equal to the cylinder strength
f c’ that is reached at a strain of 0.002.

3.2 Stress–Strain Behaviour of Concrete Under Tension
(JSCE JGC15)

The material model in tension as suggested in Japanese codes JSCE JGC15 [3]
has been considered for concrete. Fracture Energy (Gf ) based approach is adopted
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for simulating tension in concrete. The crack width is treated as displacement
perpendicular to the direction of crack and the same is correlated with the tensile
stress.

3.3 Material Model for Reinforcement Steel

A linear elastic and plastic hardening behaviour is assumed for the reinforcing steel.
The grade of steel considered is FE415.

3.4 Soil Properties

The founding media of site considered in the present analysis is soft alluvium. Linear
variation of static modulus of elasticity of different soil layers has been considered
in the present analysis. Since, Mohr–Coulomb model has been used for defining
the failure criteria of soil, values of cohesion ‘c’ and internal friction ‘φ’ used in
the analysis are obtained from soil testing at the alluvium soil site. The soil layering
system below the foundation raft of stack is shown in Fig. 2. As suggested in literature
for sandy soil [4], dilation angle, Ψ = φ − 30 has been considered for all soil layers.

4 Loading

Two types of loads are applied on stack to get the structural capacity against beyond
design basis wind; i.e., constant load and variable load. Constant load consists of
static earth pressure applied all along the periphery of stack towards inward direc-
tion and self-weight applied as gravity force; whereas, the variable load consists of
combination of along wind load corresponding to beyond design basis wind speed
and across wind load generated due to vortex shedding phenomenon.

4.1 Varying Load

Stack is designed to resist the wind forces in both the along-wind and across wind
directions. The along wind load (mean plus fluctuating component of wind) per unit
height of the stack at any level is calculated as per clause 4.2.2 of ACI 307–98 and
is based on mean hourly wind (MHW). Fluctuating component of wind is based on
gust factor and base bending moment due to mean wind. In the present analysis, site
specific basic beyond design basis wind speed value considered is 100 m/s.
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Across wind load on the stack is generated due to vortex shedding phenomenon.
As per clause no. 4.3.2.2 of ACI 307–98 any method using the modal characteristics
of the stack shall be used to estimate the across-wind response in the critical mode.
Thus the equations given in clause A-5.3 of IS: 4998–1992 is used for calculating
across-wind response in the critical mode of stack vibration. Calculation of across-
wind load is made by first calculating the peak response amplitude at the specified
mode of vibration (critical mode).

Combination of Along and Across Wind Load: As per clause no. 4.2.3.5 of
ACI 307–98, across wind load is combined with the coexisting component of along
wind load (mean component due to hourly mean wind).

Mw(z) = {
[Ma(z)]

2 + [M1(z)]
2
}0.5

where,Ma(z)=moment induced by across-wind loads andMl(z)=moment induced
by the mean component of along-wind load.

5 Analysis Methodology

Ventilation stack is analyzed to resist the wind forces in the along-wind directions.
The along wind load consist of mean and fluctuating component of wind is computed
at different elevations as per clause 4.2.2 of ACI 307–98 and are applied as equiv-
alent nodal load uniformly at the respective location of nodes in the full perimeter.
Further, stack is also analysed for a combination of along wind loads (mean or static
component of wind load due to Hourly Mean Wind (HMW)) with across wind loads
as per clause no. 4.2.3.5 of ACI 307–98.

The detailed SSI analysis of stack forBDBwind loading inABAQUS is performed
according to the sequence of applied loads, which has been defined in different steps.
In the initial step boundary conditions are applied followed by geostatic step to
simulate the in-situ stress in the soil medium. In the next step, sustained loading (i.e.,
self weight of stack and earth pressure) is applied along with BDB wind loading.
Following two cases have been considered in the present analysis as given in Table
1 and shown in Fig. 7.

Table 1 Different cases considered in the analysis

S. no Cases Description

1 Case I Along wind load (mean component) is applied in N–S direction and across
wind load in E–W direction

2 Case II Along wind load (consist of mean component due to HMW and fluctuating
component due to gust) is applied in N–S direction
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Fig. 7 Different cases considered in the analysis

Table 2 Failure criteria of
stack under BDB wind
loading

Failure criteria Limits

Crushing of concrete Strain of 0.02

Tearing of reinforcements Strain of 0.05

Yielding of all layer of reinforcements

Non-convergence due to high deformation and
cracking

6 Failure Criteria

Failure of reinforced concrete structure may be due to different mechanisms, such as
crushing of concrete under compression, cracking of concrete, reinforcement tearing,
etc. The limits of the different modes of failure of ventilation stack are considered
to evaluate the structural capacity are presented in Table 2.

7 Results

7.1 Maximum Top Deflection of Stack

The maximum top deflections of stack for Case I is 1.07 m along N–S direction and
0.36 m along E–W direction. Similarly, the maximum top deflections of stack for
Case II is 2.89 m along N–S direction and negligible along E-W direction.

7.2 Variation of Principal Strain in Inner and Outer Face
of Concrete

The variation of principal strain at inner and outer face of concrete is shown in Fig. 8
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Case-IICase-I

Red denotes the complete loss 
of tensile strength of concrete, 
corresponding strain is more 
than 0.002

Fig. 8 Variation of principal strain in concrete at outer surface for Case I and Case II

for Case I and Case II. Here six colours are used to differentiate the type of strain. Red
denotes the complete loss of tensile strength of concrete; the corresponding strain
value is 0.002. Yellow is for tensile strain more than 0.0002 and green is for tensile
strain more than 0.00015 (cracking strain). Cyan and blue denote compressive strain
of concrete less and more than 0.00015, respectively. As per CEB-FIP model code
the crack propagation of concrete starts at a strain of 0.00015.When each integration
point along the thickness of concrete at any section reaches that strain, concrete is
said to be through and through cracked in that section. Loss of complete tensile
stress of concrete is considered in case of through and through cracking of concrete
at strain 0.002 at each integration point along the thickness. The through and through
cracking has been observed in a large portion at different elevation of stack.

7.3 Variation of Principal Stresses in Rebar Layer

The variation of maximum in-plane principal stress in outer vertical and horizontal
rebar layer is shown in Fig. 9 for Cases I and II. The maximum in-plane principal
stress observed in outer vertical rebar layer is 203 MPa for Case I and 356 MPa for
Case II. Similarly, the maximum in-plane principal stress observed in inner rebar
layer is 83 MPa for Case I and 200 MPa around opening for Case II.
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Case-IICase-I

Fig. 9 Variation of principal stress in outer rebar layer for Case I and Case II

7.4 Load-Deformation (P-Δ) Curve of Stack

The load-deformation (i.e., base shear vs. top deflection) curve of stack under BDB
wind for two different cases is shown in Fig. 10.

Case-IICase-I

Fig. 10 Load deformation curve of stack under BDB wind loading for Case I and Case II
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8 Discussion and Conclusion

The analysis results are studied in terms of stresses and displacements. It is observed
from the non-linear load–deflection curve that the response of stack is linear at
initial steps, further, as cracking of concrete starts, then it behaves non-linearly. It
has been observed that the distribution of stiffness degradation in stack becomes
un-symmetrical at higher wind loading due to presence of the across wind load. This
un-symmetrical distribution of stiffness degradation causes torsional deformation of
the stack, due to which the component of the deformation in the along-wind direction
reduces. This, in return, shows the pseudo-stiffening of the stack at higher wind load
as observed in Fig. 10 of Case I. This effect is not observed if the stack is subjected
to only along or only across wind load. The rebar stresses obtained is higher around
70 m height due to discontinuity in the rebar area. However, the maximum principal
stresses in the rebar at outer and inner layer are within limit.

The structural strength and stiffness of the 140mhigh ventilation stack is adequate
to withstand the beyond design basis wind speed of 100 m/s without collapse and
there exists sufficient margin even when subjected to wind loads higher than the
beyond design basis wind.
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Soil-Structure-Interaction Study
of a Nuclear Structure Supported
on Alluvium Soil and Estimation
of Stiffness of Its Foundation System
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Abstract One of the proposed site in Northern part of India for twin unit 700MWe
Nuclear Power Plant (NPP) (based on Indian PHWR) is founded on alluvial soil.
Considering the founding medium of alluvial soil, the effect of the deformation of
foundation, both total and differential, is required to be accounted for in the anal-
ysis/design of the structural system. Since the deformation of such founding media
has direct bearing on the structural response, detailed analysis and design consid-
ering soil structure interaction effects for safety related structures supported on raft
foundation system shall be carried out. In the analysis of raft foundation, the most
important parameter is determination of exact contact pressure distribution under-
neath the raft, which is a complex function of rigidity of the superstructure, raft itself
and the supporting soil. In this paper, detailed soil structure interaction analysis of
typical safety related structure of NPP, modeled as 3D finite elements along with
soil has been carried out using Abaqus software [1] for both vertical sustained and
lateral loads (seismic loads with pseudo-static approach) using site-specific geotech-
nical parameters. Elasto-plastic behavior of the raft-soil interface is simulated using
three parameter model i.e. elastic slip, maximum shear strength and frictional coeffi-
cient. Mohr–coulomb plasticity model is used for modeling continuum soil medium.
This paper presents the methodology for estimation of stiffness’s of raft foundation
system under static condition and compares the samewith conventional formulations
for static springs as per Vesic’s approach using modulus of subgrade reaction.

Keywords Soil-structure-interaction · Contact pressure · Elasto-plastic · Raft-soil
interface · Mohr–Coulomb plasticity

1 Introduction

The structures, system and components (SCC) of a Nuclear Power Plant (NPP) are
designed ensuring adequate safety of public, occupational workers and protection of
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environment. Any safety related structure in a NPP is to be designed to have a very
low probability of failure. Safety related structures in the Nuclear Island of a NPP
are generally heavily loaded with a high stiffness of its structural members. In a NPP
a number of system and components acts in tandem which requires various services
(e.g. piping, cable trays) to move through different buildings. Determination of total
and differential settlement at raft with due considerations to soil-structure-interaction
effects becomes an important part of structural design to ensure safety of structure
as well as other system and components. When the structure is founded on alluvium
soil medium, this aspects becomes further more critical as these have a direct bearing
on the development of stresses in the structural elements.

For analyzing the behaviour of raft foundation, correct evaluation of three basic
parameters, i.e., rigidity of the raft, pressure distribution of the raft and value of
sub-grade modulus become important in addition to other geotechnical parameters
received from soil investigation report. Contact pressure distribution under the raft
depends on many parameters viz., upon the nature of the soil below the raft, i.e.,
single homogenous mass or a layered formation, thickness of various layers and
their locations, properties of the soil, the nature of the foundation, i.e., whether rigid,
flexible or soft, rigidity of the superstructure, the quantum of loads and their relative
magnitude, presence of adjoining foundation, size of raft etc. In general foundation
rafts are analysed as a plate on elastic foundation (conventional method) with the
representation of the foundation media using the Winkler idealisation i.e. series
of linear uncoupled springs. The elastic constant of the Winkler springs is derived
using the modulus of sub-grade reaction. Modulus of sub-grade reaction also called a
coefficient of sub-grade reaction is generally determined by performing a simple plate
load test. Major problems associated with the determination of modulus of subgrade
reactions are; soil is not perfectly elastic and results are affected by the magnitude
of the soil pressure and deflection, foundation size and shape, depth of foundation
and soil stratification. Thus, the modulus of subgrade reaction estimated from simple
plate load test differ much from the actual value in the field. Further, various authors
have suggested different methods and factors to compute the modulus of subgrade
reaction. It would thus be seen that even for the same soil data value of modulus of
subgrade reaction determined by methods suggested by different authors and codes
will be different. Which value to be adopted for the correct design, is an important
question. Further, the Winkler approach has limitations due to incompatibility of the
deflections at raft-soil interface. The deflection of the raft at the point of contact and
the deformation of the foundation media at this point of contact are incompatible in
this approach. This particularly influences flexible rafts and further if the founding
media is soil. It would thus be seen that the conventional method as per Winkler
idealisation does not correctly predict the behaviour of the raft both qualitatively
and quantitatively and could lead to underestimation of contact pressures leading to
unconservative design.

The approach involving detailed soil structure interaction analysis like the one
presented here is hence recommended for important structures like those nuclear
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facilities which are founded on soft alluvium soil. In the present study, method-
ology for estimation of stiffness’s of raft foundation system under static and pseudo-
dynamic (equivalent static) condition has been suggested by performing detailed
SSI analysis with appropriate simulation of raft-soil interaction. The analysis results
obtained as per detailed SSI analysis have been compared with the same using
conventional formulations for static springs as per Vesic’s approach using modulus
of subgrade reaction and dynamic springs as per ASCE 4–16.

2 Proposed Methodology for the Analysis of Structure
Supported on Raft Foundation System for Alluvium Soil

The proposed methodology in this paper for the analysis of raft foundation system of
safety related structures of NPP involves basically three steps as shown in Fig. 1. In
step-1, detailed SSI analysis of structure supported on raft foundation system along
with soil medium is carried out. In step-2, stiffness of founding medium/raft founda-
tion system under static and dynamic (pseudo dynamic/equivalent static) condition
is estimated by dividing the contact pressure or forces with the contact displacement
obtained from step-1. Finally, in step-3, detailed analysis of structure supported on
parallel springs computed in step-2 representing the founding medium is carried out.

In the present study, detailed soil structure interaction analysis of typical structure
of NPP, modeled as 3D finite elements along with soil has been carried out using
Abaqus software for both vertical sustained and lateral loads (seismic loads with
pseudo-static approach) using site-specific geotechnical parameters. Detailed SSI

Fig. 1 Steps involved in the proposed methodology
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Fig. 2 Geometric and finite element model of a typical NPP structure

Fig. 3 Geometric and finite element model of a typical NPP structure

analysis includes modeling of the superstructure and soil medium, simulation of the
behaviour of the soil media using Mohr–Coulomb plasticity model, simulation of
in-situ stress of soil, modeling of contact zones, application of loads and simulation
of raft-soil interaction.

2.1 Geometric and Numerical Modeling

The typical structure considered is a RCC framed structure with shear walls,
supported on raft foundation system on alluvial soil site. Developing the integrated
FE model involves (i) geometric and FE modelling of the structure, (ii) geometric
and FE modelling of founding medium (soil medium). The geometric and FE model
is shown in Figs. 1 and 2 have been carried out in Abaqus software.

2.2 Elasto-Plastic Constitutive Model for Soil

In the present work, Mohr–coulomb plasticity model is used for simulating the
behavior of soil medium. The Mohr–Coulomb failure line is the best fit straight
line that touches the Mohr’s circles.
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Fig. 4 Combined model of structure and soil medium

τ = c + σ tan φ (1)

where, τ is the shear strength, σ is the normal stress, c is the cohesion and φ is the
angle of internal friction.

Simulation of In-situ Stress State: The initial state of stress in the soil is consid-
ered to be geo-static in nature. The geostatic stress condition means that at any point
of time, soil is subjected by vertical stress, σ z = γ × h, and lateral stress, σ L = k0
× γ × h, where γ is the density of soil, h is depth and k0 is the lateral coefficient of
earth pressure at rest. It is required to consider this initial state of stress in the soil
before application of the load to structure. The value of k0 is specified as follows:

k0 = 1 − sin φ (2)

Modeling of Semi-Infinite Soil Medium: The unbounded or infinite soil medium
is approximated by extending the finite element mesh to a far distance, where the
influence of the surrounding medium on the region of interest is considered small
enough to be neglected. In the present work, finite element model of soil medium of
300 m × 300 m and 100 m depth has been considered based on the iterative analysis
wherein effect of the boundary condition is not observed.

2.3 Modeling of Contact Zones (Raft-Soil Interface)

The soil-structure interaction analysis requires considerations of the interaction or
coupling between the structure and the founding media. When stack is subjected
to loading, raft interacts with the soil. Hence, for simulating normal and tangential
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behavior of the interface between raft and soil, Coulomb friction model available in
Abaqus has been utilized for raft-soil interaction.

Tangential Behaviour: The interface behavior of the raft and soil (Frictional force
vs. relative displacement) is pictorially shown in Fig. 5. The interaction behavior is
divided into two parts (a) Sticking phase and (b) Slipping phase. Initially, during the
sticking phase, raft-soil interface allows some relative motion (elastic slip) between
the raft and the soil surface. Once the induced shear stress between the raft and
soil reaches the critical shear stress, the interface enters in the slipping phase. The
above sticking and slipping phase of the raft-soil interface is simulated using elastic
coulomb friction model. In this model, the critical shear stress (τcrit) is defined as:

τcri t = min
(
μp′, τmax

)
(3)

Normal Behaviour: Normal contact pressure develops, when raft moves verti-
cally towards the soil. Under such situation, area of the raft, which is in contact with
soil, will develop normal stress. This phenomenon is simulated in the analysis using
relationship as shown in Fig. 6.

To model the contact property between the raft and soil surface material, it is
essential to obtain the friction factor (μ), maximum shear stress (interface shear
strength, τmax) and elastic slip (γ crit) values. The design value of the friction or
adhesion below the raft and walls to be mobilized at an interface with the structure
is usually considered as 75% of the design shear strength to be mobilized in the soil
itself [2]. Values of friction factor considered as:

μ = 0.75 ∗ tanφ (4)

Fig. 5 Raft soil interface behavior (tangential direction)

Fig. 6 Behavior of raft-soil
interface in normal direction
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The design value of strength to be mobilized below the raft and walls to be an
interface with the structure is usually considered as 75% of the design shear strength
of the soil itself [2]. The design interface shear strength is:

τmax = 0.75 ∗ (
c + σ ′ tan φ

)
(5)

An elasto-plastic model is used to define the behavior of the interface for the
modeling of soil-structure interaction. The above-mentioned criterion is used to
distinguish between elastic and plastic interface behavior. For the interface to remain
elastic the shear stress τ is given by:

τ < τmax (6)

The minimum slip required for the full mobilization of frictional resistance is
known as critical slip (γ crit). The default value given in Abaqus is used in the present
study.

2.4 Material Properties of Soil

The founding media of site considered in the present analysis is soft alluvium. Linear
variation of static modulus of elasticity of different soil layers has been considered
in the present analysis. Since, Mohr–Coulomb model has been used for defining
the failure criteria of soil, values of cohesion ‘c’ and internal friction ‘φ’ used in
the analysis are obtained from soil testing at the alluvium soil site. As suggested in
literature for sandy soil [3], dilation angle, Ψ = φ − 30 has been considered for all
soil layers.

3 Analysis as Per the Proposed Methodology

3.1 Analysis Steps

SSI analysis under static condition in Abaqus is performed according to the sequence
of applied loads, which has been defined in different steps. The steps followed are:
(a) Geostatic step and (b) Loading step (Gravity, other dead loads, equipment loads
and live loads).

Geostatic Step: Geostatic step simulates the in-situ soil stress developed in the
soil medium before the placement of the structure. The in-situ stresses developed in
the soil medium is shown in Fig. 7.
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Fig. 7 Geostatic stress contour (vertical stress, S33 unit: N/m2) for soil

Fig. 8 Vertical displacement (U3: unit in m) contour of soil medium

Loading Step: After the completion of geostatic step, vertical loading is applied
on the structure. Settlement observed in the soil medium and raft foundation is shown
in Fig. 7, 8, 9 and 10 respectively.

3.2 Estimation of Stiffness of Soil Spring Under Sustained
Loading by SSI Analysis

The vertical stiffness of soil spring to be modeled below foundation raft has been
estimated based on the modulus of subgrade reaction computed at each nodes of the
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Fig. 9 Vertical settlement contour (U3: unit in m) at raft under sustained loadings

Fig. 10 N-S/E-W cross section of vertical settlement contour (U3: unit in m) under sustained
loadings

raft from detailed SSI analysis. Modulus of subgrade reaction values is estimated
by dividing the induced contact pressure at each nodes of the raft with displacement
of that node. The modulus of subgrade reaction thus obtained is multiplied by the
induced contact nodal area of that node to obtain the vertical stiffness of soil spring.

3.3 Estimation of Stiffness of Soil Spring by Vesic’s
Formulation (Conventional Approach)

Spring stiffness’s under this approach have been estimated by Vesic’s equation as
given below.

Ks = 0.65 × Er

1 − μ2
s × B

× 12

√
Er × B4

Ec × I
(7)
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where, Er = modulus of elasticity of soil (kN/m2), B = least dimension of the
mat foundation (m), Ec = weighted static elastic modulus of concrete foundation
(kN/m2), f ck = characteristic compressive strength of concrete (MPa), I = cross
sectional moment of inertia of foundation (m4) and μs = Poison’s ratio of the
founding medium.

3.4 Comparison of Soil Spring Stiffness’s Obtained
from Proposed SSI Analysis Methodology and as Per
Vesic’s Formulation

Comparative plots of vertical soil spring stiffness obtained from proposed SSI anal-
ysis methodology and as per conventional approach using Vesic’s formulation is
shown in Figs. 11 and 12 for lines along-x and y.
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Fig. 11 Comparison of variation of vertical spring stiffness along line X at raft under sustained
loading as per proposed SSI analysis methodology and as per Vesic’s equation
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Fig. 12 Comparison of variation of vertical spring stiffness along line Y at raft under sustained
loading as per proposed SSI analysis methodology and as per Vesic’s equation

3.5 Comparison of Displacement

Comparison of vertical displacement contour under sustained loadings (vertical) with
that obtained from proposed SSI analysis methodology and as per Vesic’s equation
(conventional method) is shown in Fig. 13. Similarly, the comparison of variation of
vertical displacement along line-x and along line-y is shown in Figs. 14 and 15.

4 Discussion and Conclusion

Static soil-structure-interaction analysis of typical building of NPP founded on soft
alluvium soil has been carried out to study the behaviour of raft foundation system
under vertical sustained loading. Further, static analysis with soil spring stiffness
estimated using subgrade modulus as per conventional Vesic’s formulation has been
also performed. The outcome of the analysis in terms of vertical spring stiffness and
displacement has been compared with the two approaches. From the comparison
of analysis results it is observed that the trend of variation of vertical spring stiff-
ness obtained from proposed SSI analysis approach and as per conventional Vesic’s
formulation is more or less same. However, the settlement observed using subgrade
modulus as per Vesic’s formulation is on the lower side.
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As per Proposed SSI Analysis Methodology (a) 

As per Vesic's Formulation (b)

Fig. 13 Comparison of vertical displacement (U3: unit inm) contour at raft under sustained loading
as per proposed SSI analysis methodology (a) and as per Vesic’s equation (b)
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Fig. 14 Comparison of variation of vertical displacements along-X (N-S) at raft under sustained
loading as per proposed SSI analysis methodology and as per Vesic’s equation
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Seismic Vulnerability Assessment
of Lifeline Buildings at Gangtok

Pretam Dahal, Guru Prasad Sharma, and Shantharam Patil

Abstract The M6.9 Sikkim earthquake of September 18, 2011, caused widespread
damage in the state of Sikkim and adjoining areas and it exposed the seismic vulnera-
bility of themulti-storied construction. Damage that occurred in and aroundGangtok
was disproportionately high to the observed intensity of shaking, primarily due to
poor compliance with seismic codes, inferior quality of raw materials and shoddy
workmanship. The main objective of the survey was to observe the effects of the
18th September earthquake and aftershocks on the build environment in terms of
seismological, geotechnical and structural damages. From this Earthquake, it can be
clearly seen that there is a need for seismic vulnerability assessment of buildings
in and around Gangtok town. This paper presents the study of seismic vulnerability
of buildings by rapid visual screening method and detailed vulnerability assessment
method.

Keywords Seismic risk · Vulnerability · Assessment · Gangtok

1 Introduction

Earthquakes are one of the most dangerous, destructive and unpredictable natural
hazards, which can leave everything up to a few hundred kilometres in complete
destruction in seconds. India has enough experience with earthquakes and the kind
of damage that they can leave behind within seconds and it is not rare or unusual
anymore.About 59%of India’s land is prone tomoderate to severe earthquakeswhich
makes it one of the highest seismic risk-prone areas in theworld [1].More than 25,000
people died in eight major earthquakes during the last 20 years and the last major
earthquake in India was a decade earlier in Bhuj, Gujarat, which occurred on 26th
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January 2001 and claimed over 14,000 lives and caused severe damage to buildings
and infrastructure resulting in high economic losses [2–4]. Due to the collision of the
Indian Plate with the Eurasian Plate, the Himalayan region has emerged as one of the
seismically active regions of the world, resulting in many disastrous earthquakes in
the past and recent times, and North East India alone has emerged as one of the most
seismically active regions in the country. The northeastern region of the country as
well as the entire Himalayan belt is susceptible to great earthquakes of magnitude
more than 8.0.

An earthquake of 6.9 magnitude with its epicentre near the India-Nepal border
located at (27.7° N, 88.2° E) shook the northeast and large parts of northern and
eastern India on September 18, 2011, at 6:11 p.m. IST. Gangtok, the capital city
of Sikkim, which is around 68.74 km southwest from the epicentre, experienced
an earthquake intensity of VI on the MMI scale. It caused extensive damage and
widespread panic, and those who experienced the earthquake realised that the event
was large enough and the majority of their buildings were not strong enough to
sustain another earthquake of the same or higher magnitude.

The major lifeline buildings in and around the capital city of Gangtok have been
constructed at least 40 to 50 years ago whose earthquake resistance capabilities
cannot be ascertained due to the absence of detailed drawings and test reports. The
purpose of an earthquake-resistant design is to provide a structure with features,
which will enable it to respond satisfactorily to seismic effects [5–7]. These features
are related to five major objectives, which are listed in order of importance:

1. The likelihood of collapse after a very severe earthquake should be as low as
possible.

2. Damage to non-structural elements caused by moderate earthquakes should
be kept within reasonable limits. Although substantial damage due to severe
earthquakes which have a low probability of occurrence is acceptable, such
damage is unacceptable in the case of moderate tremors which are more likely
to occur.

3. Buildings in which many people are usually present should have deformability
features that will enable occupants to remain calm even in the event of strong
shocks.

4. Personal injury should be avoided.
5. Damage to neighbouring buildings should be avoided.

2 Methodology

Gangtok town is highly vulnerable to future earthquakes, there is an urgent need to
assess the seismic vulnerability of school buildings at Sikkim town as an essential
component of a comprehensive earthquake disaster risk management policy. India’s
national vulnerability assessment methodology, as a component of the earthquake
disaster risk management framework is included in the following procedures.
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1. Rapid visual screening (RVS) procedure requiring only visual evaluation
and limited additional information (level 1 procedure). This procedure is
recommended for all buildings.

2. Simplified vulnerability assessment (SVA) procedure requiring limited engi-
neering analysis based on information from visual observations and struc-
tural drawings or on-site measurements (level 2 procedure). This procedure
is recommended for all buildings with a high concentration of people.

3. Detailed vulnerability assessment (DVA) procedure requiring detailed computer
analysis, similar to or more complex than that required for the design of a new
building (level 3 procedure). This procedure is recommended for all important
and lifeline buildings.

The main objective of this paper is to compare the results of vulnerability assess-
ment by Rapid Visual Screening method and by detailed vulnerability assessment
using software SAP v8i 2000.

2.1 Rapid Visual Screening Method

The building profile for different construction types that is developed on the basis
of application of the first procedure (rapid visual screening) will be useful to short-
list the buildings to which a simplified vulnerability assessment procedure should
be applied. The simplified vulnerability assessment procedure will provide a more
reliable assessment of the seismic vulnerability of the building and will form the
basis for determining the need for a more complex vulnerability assessment. The
rapid visual screening will be useful for all buildings except critical structures where
detailed vulnerability assessment is always required. Rapid Visual Screening is a
form of survey to identify the buildings which are expected to be more vulnerable
under an earthquake. It is used to prioritise the buildings in a jurisdiction for further
evaluation and retrofit for seismic forces [8]. RVS is designed to evaluate the primary
lateral load resisting system and to identify the building attributes that modify the
seismic performance of the lateral load resisting system alongwith the non-structural
components. A building may require 15–30 min for RVS depending upon the size of
the building. Data collection and decision-making process will occur at the building
site.

The objective of the study is to:

1. To carry out RVS of selected lifeline buildings in Gangtok town.
2. To access the necessary data and drawings from this RVS study which will

be useful to carry out a detailed vulnerability study of buildings which are
vulnerable to seismic activities.

3. To comment on the seismic vulnerability of selected lifeline buildings in
Gangtok town.

The RVS score evaluation is based on a few parameters of buildings. The param-
eters of the buildings are building height, frame action, pounding effect, structural
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irregularity, short columns, heavy overhang, soil conditions, falling hazard, apparent
building quality, diaphragm action, etc. On the basis of above-mentioned parame-
ters, the performance score of the buildings has been calculated. The formula of the
performance score is given as

PS = (BS)+
∑

[(V SM)× (V S)] (1)

where VSM represents the Vulnerability Score Modifiers and VS represents the
vulnerability Score that is multiplied with VSM to obtain the actual modifier to be
applied to the BS or Basic Score. For RC Frame buildings and masonry buildings,
the base score, vulnerability score and vulnerability modified score are given in
references [9–12]. A building with a higher seismic zone and more number of the
storey will get a low score, i.e. building will be more vulnerable. In this study,
an attempt has been made to survey 11 buildings in Sikkim (Gangtok Town). The
buildings include only that constructed of reinforced concrete. As a part of this study,
RVS forms are generated for reinforced concrete buildings. RVS scores have been
calculated for the buildings. A performance score for all eleven buildings is shown
in Table 1.

The building with a higher performance score performs better compared to a
lower performance score. However, the buildings which are in the middle range of
performance is large in number, and drawing a meaningful conclusion is a difficult
task because of the non-availability of standard results for the Indian code provisions.

Table 1 Performance score of buildings by RVS method

Sl. No Name of the building Score

1 Govt. Senior Secondary School, Enchey, Old Hostel Building 90

2 Tashi Namgyal Academy School Hostel Building 100

3 Tashi Namgyal Academy School Old Staff Quarter 55

4 Tashi Namgyal Academy School Building 100

5 Tashi Namgyal Academy School New Staff Quarter 100

6 Tashi Namgyal Academy School Golden Temple 100

7 Sir Tashi Namgyal Senior Secondary School Primary School 115

8 Sir Tashi Namgyal Senior Secondary School Auditorium 30

9 Sir Thutob Namgyal Memorial Hospital Main Hospital Building 90

10 Sir Thutob Namgyal Memorial Hospital Orthopedic Block 65

11 Govt. Senior Secondary School, Enchey, Main Building 90
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2.2 Detailed Vulnerability Assessment

In the present study, the various model of RC frame buildings of different stories
has been designed as per IS 1893 (part I): 2000 using SAP 2000.v.14. The capacity
design has been done as per the Euro code to achieve a strong column weak beam
concept. The performance of the RC frame building has been evaluated by Nonlinear
static and dynamic analysis. Nonlinear static analysis involves Pushover analysis
and nonlinear dynamic analysis involves Time History analysis. In this study, five
different buildings (Model-1, Model-2, Model-3, Model-4 and Model-5) have been
taken whose Rapid Visual Screening test has already been done. These buildings
are evaluated by nonlinear static and dynamic analysis using SAP 2000.v.14. The
basic concept of capacity-based design of structures is the spreading of inelastic
deformation demands in a structure in such a way so that the formation of plastic
hinges takes place at predetermined positions and sequences. In multistory multi-bay
reinforced concrete frames, plastic hinges are allowed to form only at the ends of
the beams. To achieve this flexural capacity of the column, sections at each joint are
made more than the joining beam sections. This will eliminate the possible sway
mechanism of the frame.

The capacity design is also the art of avoiding failure of structure in brittle mode.
This can be achieved by designing the brittle modes of failure to have higher strength
than ductile modes. Shear failure is a brittle mode of failure hence the shear capacity
of all components is made higher than their flexural capacities.

A plot of total base shear versus top displacement in structure is obtained by this
analysis that would indicate any premature failure or weakness, and the analysis is
carried out up to failure, thus it enables determination of collapse load and ductility
capacity. On the building frame, the load is applied incrementally, the formation of
plastic hinges, stiffness degradation, plastic rotation, and lateral inelastic force versus
displacement response for the complete structure is monitored. Figure 1 shows the
plot of total base shear versus top displacement of one of the models and Fig. 2. the
hinge pattern in beams and columns due to nonlinear static pushover load case.

A plot of base shear and displacement was obtained from pushover analysis. Table
2 gives the maximum displacement of each model obtained from the pushover curve
and maximum allowable deflection according to IS 1893:2002.

From the table it is seen that for Model-1, the maximum displacement is greater
than the maximum allowable displacement and for other Models, the maximum
displacement is less than the maximum allowable displacement; therefore, it can
be concluded that Model-1 is vulnerable for static pushover load case. The frame
members in pushover analysis with hinge patterns indicate the performance levels.
The absence of colour indicates the elastic condition. Plastic hinges having pink
colour indicate IO level, blue colour indicate LS level and cyan colour indicate CP
level; other colours indicate performance beyondCP level. The performance levels of
all the buildings were found to be the same. The maximum displacement of roof one
of the building obtained from nonlinear time history analysis is represented below.

Figure 3 represents the maximum roof displacement of different models, and it
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Fig. 1 Pushover curve in long direction for Model-1

Fig. 2 Pushover analysis hinge pattern in long direction for Model-1

was observed that the buildings are failing within 5 s of strong motion, hence the
buildings are vulnerable to earthquake. The hinge pattern obtained from nonlinear
time history analysis of different models is shown Fig. 4. Different colours on frames
indicate the performance levels of the buildings. It was found that the performance
levels of all the buildings fall under the same level.
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Table 2 Maximum displacement of models

Model Base shear (kN) Maximum displacement (mm) Maximum allowable
displacement (mm)

Model-1 23,151 69.9 37.6

Model-2 49,340 4.4 20.3

Model-3 324.31 15.2 33.83

Model-4 1286.37 22.997 68.2

Model-5 3099.84 58.995 85.9
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Fig. 3 Nonlinear roof displacement in long direction for Model-1

Fig. 4 NLTH hinge pattern in long direction for Model-1
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Table 3 Comparison of
results of RVS and DVA

Model Performance score by
RVS method

Maximum displacement
by DVA (mm)

Model-1 55 195.08

Model-2 100 62.50

Model-3 100 71.30

Model-4 100 85.56

Model-5 115 57.90

2.3 Comparison Between RVS Method and Detailed Analysis

From RVS method, it was found that the Model-1 was most vulnerable and Model-
5 was the least vulnerable among all buildings. Table 3, Figs. 5 and 6 show the
comparison of results of RVS and DVA.

The building having the least performance score and having a high value of
displacement is the most vulnerable. From Table 3, it is clear that the vulnerability
level is found to be the same by both methods. However, it is seen that the perfor-
mance score of Model-5 is 115 which should perform well during the earthquake but
it is failing within 5 s of strong motion.

Fig. 5 Graph showing performance score of buildings
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Fig. 6 Graph showing maximum displacement of building

3 Conclusion

The performance of buildings whose performance score was known to have been
evaluated under nonlinear pushover and nonlinear time history analysis. It was seen
that the buildings were failing due to the formation of plastic hinges at beam-column
joint and the buildings failed against the strong ground motion. All the buildings
considered for this study are vulnerable to strong ground motion. In this study,
it was found that the level of vulnerability of buildings was the same using RVS
methodology and DVA. But the buildings having high performance score also failed
within 5 s of strong ground motion. Therefore, it can be concluded that RVS can be
used only for the early stage of vulnerability assessments but detailed vulnerability
assessment must be done for a more reliable result.
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Analysis of Knee-Braced, x-braced
Moment Frame for Ductility Based
Seismic Design

Eshanya Tongper Nongsiej, Karthiga N. Shenbagam, A. Mohanraj,
and Kartik Kapoor

Abstract Multistory structures are the type of structureswhich are often subjected to
seismic andwind effects simultaneously. The actual strength in the plan of multistory
building is the regularity in planning, the type of materials, construction techniques
used during constructions. The structure is mostly constructed to have adequate
horizontal solidness to oppose the lateral loads caused by the seismic action and
to control the parallel float of the structures. The steel supporting framework in
strengthened solid edges is suitable for preventing horizontal powers. In this paper
we are preparing and analysing a G + 20 with 3 m spacing of each floors. In this
structure we will distinguish exposed casing and edges having X-type bracings or
knee bracings at the corners. A three dimensional structure is taken, and 20 stories
is taken with story tallness of 3 m. The bars and segments are intended to withstand
dead and live load only. Seismic tremor loads are taken by bracings. The bracings
are given just on the fringe sections. Analysis and design has been carried out using
ETABS software, and the results are discussed.

Keywords Steel frame · X bracings · Knee ·Moment resisting · Seismic

1 Introduction

Braced frame is type of a structural system commonly used in structures subjected
to lateral loads such as wind and seismic loadings. The members in a braced frame
are generally made of structural steel, which can work effectively both in tension
and compression.
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Beams and columns are the structural members that are constructed to carry
vertical loads, and the bracing system are the structural members which carries
lateral loads. The positioning of braces is found to problematic or very difficult due
to the positioning of braces and its connections in a proper way with or without
openings. Buildings adopting high-tech or post-modernist styles have responded to
this by expressing bracing as an internal or external design feature.

Tooppose lateral earthquake loads, braces or shear dividers are usually constructed
in RC and Steel structures. RC structures with steel supporting elements were
generally used as a retrofitting measure to strengthen earthquake-harmed structures.

2 Literature Survey

Vishwanatha et al. [1] proposed that the seismic performance of concrete and
composite buildings for different parameters of vertical irregularities in buildings
and composite columns are installed in the structure to increase the strength and fire
resistance of the column and also to resist lateral forces. Finally, they concluded that
the maximum storey drift and displacement will increase as the vertical irregularities
increases.

Jingbo et al. [2] proposed the behaviour of steel concrete composite frame structure
system under seismic loads. In this study four types of columns such as composite
beamconcrete filled square tubular column,Equivalent stiffnessRCcolumnandother
two types are analysed under response spectrum analysis. And from the analysis of
those columns and frame they come to a conclusion that in composite frames, the
maximum storey drift angle is reduced by 18% and in composite we can achieve
greater span and height, but in RC the columns must be enlarged to meet the desired
bearing capacity.

Dhruvil [3] proposed the seismic analysis of tall building having different struc-
tural systems by using response spectrum method. The tall building comprises of
shear wall system and shear wall combined bracing system. Their study is mainly
based on the behaviour of the shear wall system under response spectrum analysis
under varying storey height. From the study they suggested that for 15 storey building
shear wall was recommended and for 25 stories shear wall and bracing combined
and for 35 stories shear wall is recommended.

Rahul Pandey [4] proposed the response of the RCC, steel and steel concrete
composite frame under earthquake loading. Comparative analysis of all the three
is done based on the material, cost benefit and behaviour. The analysis is done in
SAP 2000 software, and the behaviours are studied. They found that base shear is
maximum in RCC frame. Base shear is reduced by 40% for composite frame and
45% for steel frame. Reduction in cost of composite is 33% and steel is 27%. RC
frame has the least value of storey drift because of its high stiffness.

Prabhu Booshan [5] proposed that the behaviour of RCC and composite structures
with different and various vertical irregularities were considered, and the structures
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were modelled and analysed using ETABS software. On comparing the results steel
concrete composite structures’ performance was better than that of RC structures.

Patil et al. [6] proposed that the behaviour of RCC and composite structure which
has a soft storey was analysed using response spectrum method and equivalent static
method in ETABS software. Those obtained results are compared, and they came
to a conclusion that the storey drift reduces what parameter in composite structures,
self-weight of the composite structure reduces, bending moment and shear force in
composite columns are less when compared to RC columns. And they found that
composite structures are exhibiting high ductility and lateral load resisting capacity
greater than RC structures.

Chandak [7] proposed that the reinforced concrete buildings in structural walls
and moment resisting frames were analysed using response spectrum method with
the help of SAP 2000 software. The analysis is based on Indian standard code and two
other codes such as Uniform Building Code and Euro Code. The main observation
of his study is to find the difference in the response of the building based on the three
codes. On successful analysis he found that IS Code method gives higher values of
base shear. And IS method gives maximum displacement values when compared to
other two methods.

Youcef et al. [8] proposed that the Seismic Performance of RC Building Using
Spectrum Response and Pushover Analysis was carried out. This investigation is
based on the Euro Code. They compared the storey drift, displacement, base shear
using response spectrum and push over analysis. The modelling of the eight storey
structure is done using ETABS software. The analysis of absolute displacements of
a building using linear response spectrum was taken into account indirectly, and the
nonlinear behaviour of structural elements by introducing the behaviour factor was
considered; the nonlinear static analysis using pushover procedure was also done.
The results showed a large difference between the two methods explain the results
in detail.

Shirule et al. [9] proposed the response spectrum analysis of asymmetrical
building. This study is based on the IndianStandard code on an asymmetrical building
modelled in SAP 2000. After the performance of analysis was done, it is concluded
that the provision of shear wall is necessary for asymmetrical building as it helps in
the prevention of collapse and damage to the structure. It also decreases the storey
drift (if it increases what happens) of the structure. And they also found that the IS
code gives higher value of base shear when compared with Uniform building code.

Md. Akberuddin et al. [10] analysed the structure using Pushover Analysis. This
method had been utilized to obtain the deformation capability of frame by inelasticity,
and it is found that irregularity in height of the structure decreases the structure’s
performance level. This induces a decrease in the deformation or displacement of
the structure, and the bare frame without irregularity has more lateral load carrying
capacity compared to bare frames with vertical irregularity (i.e., the vertical irreg-
ularity decreases the flexure and shear demand). The lateral displacement of the
structure is reduced with an increase in the percentage of irregularity.

Saisaran et al. [11] proposed a study on static nonlinear method i.e. push over
analysis which utilizes to evaluate the deformations of the structure to evaluate the
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displacement force relationship or the capacity curve for a building or structural
element. The analysis includes application of horizontal loads, in a recommended
pattern, to the structure incrementally. There would be a progressive change in the
slant of weakling bend with increment in the horizontal relocation of the building in
which part of the structures. This is because of the progressive formation of plastic
hinges in beams and columns throughout the structure.

Mindaye et al. [12] proposed that the seismic response of a residential G + 10
RC frame building structure has been investigated by equivalent static analysis and
response spectrumanalysis, andfinally itwas concluded that the results obtained from
response spectrum analysis resulted in amore accurate for storey drift, displacements
etc. The model created was analysed for different seismic zones in accordance with
the Indian standard codes of practice as per I 1893:2002. The results predicted were
further studied in a detailed manner for nonlinear seismic analysis.

Srikanth et al. [13] proposed that the responses of earthquake loadings for
symmetric multi-storied structure were carried out by using equivalent static and
response spectrum methods. It was finally concluded that the response of the struc-
tures obtained by static method was found to be much higher than that of response
spectrum analysis. Hence response spectrum analysis gives a more accurate value,
and it is reliable.

Ahirwar et al. [14] evaluated seismic loads on multistory RC framed structures,
they considered three, five, seven and nine storey buildings, and each were analysed
using seismic coefficient method, response spectrum method and modal analysis
method. Seismic responses viz. storey shear and base shear were computed for all
the four buildings, and the results were compared. The following conclusions were
brought up from the above study: In both versions of codes IS: 1893–1984 and
IS: 1893–2002, the seismic plan approach is to plan solid and flexible structure to
deal with latency powers produced by quakes. The new version of IS: 1893–2002
plainly reflects that the seismic force configuration is much lesser than what can be
normal from strong ground shaking. Seismic forces obtained from IS: 1893–2002 are
relatively higher than that forces acquired by IS: 1893–1984. As per, IS: 1893–1984,
when compared to response spectrum method and modal analysis method, the base
shear value of seismic coefficient method would be higher. Modal analysis method
gives higher values of lateral forces for upper storey.

Gottala et al. [15] proposed a similar investigation of static and dynamic seismic
examination of a multi-story building that was done on a multi-storied encircled
structure of nine storey. Direct seismic examination was completed for the working
by seismic coefficient method and response spectrum method using STAAD-Pro
as per 1893–2002-Part-1. A detailed examination was completed between the static
and dynamic investigation, and the outcomes of the analysis, bending moment, nodal
displacements and mode shapes were observed for beams and columns.
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3 Methodology

The methodology includes the following:

1. Structure with a steel building of 20 storey’s with its various structural and
construction techniques. Its analysis methods and deign aspects.

2. Structure with a steel building of 20 storey’s having knee bracings with its
various structural and construction techniques. Its analysis methods and deign
aspects.

3. Structure with a steel building of 20 storey’s having X bracings with its various
structural and construction techniques. Its analysis methods and deign aspects.

The analysis and the design of 20 storey’s steel building and various types of
bracings was done according to IS codal provisions for steel and concrete sections.

4 Modelling

For the analysis and design of the structure, ETABS software is used and the deign
results and the various outputs are explained in detail.

The details of the structure are listed in Table 1.

Table 1 Structural details Description Values

Number of storey 20

Number of bays in X direction 9

Number of bays in Z direction 7

Storey height 3.5

X Direction width of bay 4

Z Direction width of bay 4.5

Grade of concrete M25

Grade of steel FE415

Live load 2 kN/m2

Zone V

Response reduction 5

Importance factor 1.5

Thickness of slab 110 mm

Steel bracing As per IS 800 codal
provisions-ISMB

Knee bracings As per IS 800 codal
provisions-ISMB
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Earthquake loads are determined as per IS 1893:2016.Design of steel and concrete
sections was done according to the limit state design, and the load combinations are
considered which are determined with consideration to IS 800:2007 from Table 2.

5 Results

See Table 2, Figs. 1, 2, 3, 4, 5, 6, 7, 8, 9, 10.

Table 2 Results of the structure with its performance level

Sl. no Model type V D Sa Sd

1 Plane frame 521.54 0.128 0.165 0.997

2 X Bracings 2034.5 0.018 0.790 0.014

3 Knee Bracings 2027.4 0.024 0.796 0.019

Fig. 1 Frame with loadings
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Fig. 2 Deflected shape of
the building after analysis
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Fig. 3 Maximum storey displacement without bracings



Analysis of Knee-Braced, x-braced Moment Frame … 121

Fig. 4 Maximum storey drift without bracings



122 E. T. Nongsiej et al.

Fig. 5 Storey overturning momnet
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Fig. 6 Storey overturning
momnet
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Fig. 7 Frame with loadings with X bracings
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Fig. 8 Deflected shape of the building after analysis with X bracings
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Fig. 9 Maximum storey displacement with X bracings
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Fig. 10 Maximum storey drift with X bracings
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6 Conclusions

The structural system with two types of bracing system for a twenty storey building
has been analysed and designed.

And the conclusions of the research have been given below.

1. The drift in the storey without any bracing is nearly the same as specified in
the IS 1893 codal provisions. With the use fob arcing systems out of X and
knee bracing, X bracing is found to be more effective than knee bracing as
there is significant reduction in the global lateral displacement in both X and Y
directions.

2. After determining the performance of the structure with X and knee bracing, it
was found that knee bracing is found economical as the overall capacity gets
increased when compared to X bracing.
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Effect of Non-homogeneity of Seabed Soil
on Natural Frequency of Offshore Free
Spanning Pipeline

Goutam Sarkar and Pronab Roy

Abstract Determination of natural frequency of free spanning pipeline is essential
as it governs the allowable length and also fatigue life of the pipeline. From the
literature survey, it is seen that a considerable amount of works have been studied to
determine the effect of seabed soil on natural frequency of free span by the previous
researchers. However, researchers have assumed that soil of the supports of free
span is homogeneous. Well-used code DNVGL-RP-F105 (for free span analysis of
offshore pipeline) also considers soil as homogeneous. But, recently, researchers
state that non-homogeneity of soil has significant effects on dynamic soil stiffness.
The objective of this paper is to determine the effect of non-homogeneity of soil on
the natural frequency of free spanning pipeline. In this paper, a frequency analysis
of the free spanning pipeline on homogeneous soil is carried out by Det Norske
Veritas (DNV) guidelines and finite element modelling. A free spanning pipeline is
analysed considering it on a non-homogeneous soil using soil mesh finite element
modelling. The non-homogeneous soil model is designed with different layered soil
combinations. Finally, it has been observed that finite element analysis software can
be incorporated for pipe-soil interaction effectively. For layered soil profile, if the
topmost soil stratum is thin, it has been found out that there is a significant variation
in both inline and cross-flow natural frequencies compared to those of homogeneous
soil having same topmost soil. Whereas if the topmost soil stratum is thick, it will not
significantly affect in-line natural frequency, but cross-flow natural frequency tends
to be same as that of homogeneous soil.

Keywords Free span · Natural frequency · Dynamic soil stiffness · Layered soil ·
Finite element analysis
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1 Introduction

One of the important issues in submarine pipeline design is free span calculation. The
free span of submarine pipelines is a common and inevitable phenomenon in offshore
oil and gas engineering, due to seabed unevenness, change of topology, scouring, or
sand waves [1]. When the subsea wave or current flows across a free span, vorticities
are formed behind the pipeline on the top and bottom. The frequency induced due
to these vorticities is called vortex-induced vibration (VIV). Apart from this, the
pipeline has also its natural frequency. Now, if VIV-induced frequency synchronizes
with one of its natural frequencies, resonances will be more likely to happen. If
resonance happens, the pipeline integrity will be threatened by fatigue damage on
the pipeline welds, and ultimately pipeline will fail. Due to this, the computation
of natural frequencies of the free span pipeline is a very important aspect of the
offshore pipeline industry. Figure 1 shows a typical free span scenario. The middle
unsupported portion of the free span pipeline will not remain straight due to the
submerged weight of the pipeline.

Researchers have already recognized the importance of pipe soil interaction on the
shoulders of the free span pipeline since the late 1980s and early 1990s. Hobbs [2],
developed a non-dimensional graph of effective length to incorporate the effects of
seabed elasticity on the dynamic behaviour of the free span pipeline. Choi [3], studied
the effect of axial force on free span analysis. Fyrileiv and Mørk [4], used improved
beam theory and developed a semi-empirical approximate expression. The DNV
recommended practice DNV-RP-F105 [5] updates new expression for an effective
length of free span pipeline based on the work of Fyrileiv and Mørk. Bakhtiary [6]
investigated the effect of real seabed conditions and axial force on natural frequen-
cies by using modal analysis with the Euler–Bernoulli beam equation. Ruby and
Hartving [7] used transmitting boundary elements and included various environ-
mental conditions, structural data, soil parameters, damping parameters, and safety
factors. Xiao and Zhao [8] studied single and multi-span pipelines by using dynamic
finite-element analysis. Mehdi et al. [9] examined the influence of different types of
soil natural frequency of free spanning pipeline by both mathematical modelling and

Fig. 1 A Sketch of a typical free spanning offshore pipeline
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finite element analysis. Vedled and Sollund [1] developed a semi-analytical method
to carry out a modal analysis of free span pipelines by applying the Rayleigh–Ritz
method. Sollund et al. [10] performed dimension analysis by using the Buckingham
Pi theorem for the modal response of the free span pipeline. Guha and Randolph
et al. [11], proposed a new form of axial soil stiffness calculation, which depends on
the embedment of pipe and degree of soil non-homogeneity. DNVGL-RP-F105 [12]
gives guidelines for distinguishing between interactingmulti-span and isolated single
spans. A separate expression has been given for determining the lowest frequency
and maximum amplitude for very short spans in this new guideline. Li et al. [13]
investigated the modal response of the free span pipeline by using a general integral
transform technique (GITT).

Thus, to study the dynamic response of the free span pipeline, great effort has
been made by carrying out both mathematical and finite element analysis by a large
number of researchers. All of them concluded that the soil in the supports of the free
span pipeline played a significant role on the dynamic response. However, in the free
spanning pipeline analyses, the previous researchers considered only homogeneous
soil, but in reality, it is not homogeneous. The seabed profile is normally mixed or
layered in nature. The layered profile of seabed soil is a composite of very soft clay
to hard clay and silt or sand. Thus, the effects of layered profile or mixed profile of
seabed soil on the dynamic response of the free span pipeline should be analysed.

In this present paper, the dynamic behaviour of a free span offshore pipeline and
the effect of the layered profile of seabed soil on its dynamic behaviour have been
studied. The dynamic behaviour of the single-span pipeline has been analysed in
terms of extracting the fundamental natural frequencies of the free spanning pipeline
by using DNV guidelines and finite element analysis (FEA) modelling. The main
aim of this study is to understand the effects of layered seabed soil characteristics
on the natural frequencies. Here, a 60 m free span pipeline has been considered with
L/D ratio 60. In this paper, two different cases have been investigated, at first, the
soil has been assumed to be homogeneous (stiff clay or hard clay) at the shoulder
of the free span pipeline. Then, the results of FEA modelling have been validated
by DNV guidelines. Next, the soil has been assumed to be a two-layer system, a
hard clay stratum is considered to be underneath the stiff clay. Finally, a parametric
study has been carried out to analyse the influence of layered soil profile on the
natural frequencies of free spanning offshore pipeline by varying stiff clay depth
while keeping the total depth of soil constant.

2 Methodology

2.1 Structural and Functional Data of Pipeline

The geometry of the free spanning pipeline has been modelled as a free span in the
middle and two equally sized shoulders, which are supported on soil. Here in this free
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Table 1 Geometric
properties of pipeline

Variable Symbol Unit Value

Free span length L m 60

Shoulder-length Lsh m 180

Outer diameters D mm 1000

Wall thickness T mm 30

Concrete coating thickness tc mm 68

Table 2 Material properties
of pipeline

Variable Symbol Unit Value

Modulus of elasticity for steel Est GPa 207

Poisson’s ratio for steel ν – 0.3

Density of steel ρs kg/m3 7850

Density of concrete ρc kg/m3 3040

Density of hydrocarbon ρh kg/m3 200

Density of water ρw kg/m3 1025

spanmodel, the shoulder-length on each side of free span has been considered as three
times of free span length [1] and the geometric properties of pipeline are tabulated
in Table 1. To increase the submerged weight, pipe has been coated with a concrete
coating. It should be noted that in these analyses, only the mass contribution due to
concrete coating has been taken into consideration, while the structural stiffness due
to concrete coating has been neglected for simplicity in FEA modelling. The total
effective mass has been determined as 2355.069 kg/m. The effect of axial force on
the free span pipeline has also been neglected here. The submerged weight of the
pipe is determined as 7308.48 N/m.

For modelling the pipeline, API 5L X65 grade of stainless steel is used, which is
taken from API 5L [14] specification. The pipe material is assumed to be isotropic.
Thematerial properties of the pipeline are given in Table 2. The seabed soil properties
are tabulated in Table 3. CL and CV are the simplified lateral and vertical dynamic
stiffness factors for the soil, respectively, which are required for determining hori-
zontal and vertical dynamic soil stiffnesses, respectively. The dynamic shearmodulus

Table 3 Soil properties of the seabed

Soil
type

Undrained
shear
strength
(kN/m2)

Coefficient
of friction
w.r.t.
concrete

Submerge
unit
weight
(kN/m3)

Poisson’s
ratio

Modulus of
elasticity
(N/m2)

CV (kN/
m5/2)

CL (kN/m5/2)

Stiff
clay

50-100 0.35 7–12 0.45 21.75 × 106 4500 3900

Hard
clay

200 0.50 10–13 0.45 58 × 106 12,000 10,500
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of soil is determined according to DNVGL-RP-F114 [15] clause 4.5.3.2 and clause
4.5.3.3 by using dynamic soil stiffness. Finally, the modulus of elasticity of soil is
determined from shear modulus. The coefficient of friction for different types of soil
with respect to concrete has been provided according to Potyondy [16].

2.2 Determination of Natural Frequency
by DNVGL-RP-F105 (2017) Guidelines

The DNVGL-RP-F105 [12] is a guideline for free span subsea pipeline. In this
code at clause 6.8.2, a simple formula (Eq. 1) is provided to calculate the lowest
natural frequency of free spanning subsea pipeline considering pipeline specifica-
tions, seabed soil conditions, concrete coating, effective axial force, and vertical
out-of-straightness. There is a limitation of this semi-empirical expression; the span
length should be less than 140 Ds (outer steel pipe diameter) and compressive effec-
tive axial force up to 0.5 Pcr and ratio of static deflection (δ) to the outer diameter of
the pipe (D) should be less than 2.5. The expression is as follows:

f1 = C1

√
√
√
√

Est Ist
meL4

e f f

(

1 + Sef f
Pcr

+ C3

(
δ

D

)2
)

(1)

C1 and C3 are boundary condition coefficients. The Est and Ist are Young’s
modulus and moment of inertia of the steel pipe, respectively. Leff is the effective
length of pipeline corresponding to seabed soil in free span. Equation 2 shows the
expression of the effective length according to DNVGL-RP-F105 [12], clause 6.8.8.

Lef f

Ls
=

{
4.73

0.066β2+1.02β+0.63 f orβ ≥ 2.7
4.73

0.036β2+0.61β+1.0 f orβ < 2.7
(2)

The β is a non-dimension parameter and calculated by using Eq. 3,

β = log10

(
K Ls

4

Est Ist

)

(3)

where Ls is free span length of pipeline. K is dynamic seabed soil stiffness (vertical
or horizontal). For inline frequency determination, lateral dynamic stiffness (KL) is
used. According to DNVGL-RP-F114 [15] clause 7.2.4, the KL can be determined
by the following Eq. 4,

KL = CL × (1 + ν) × (
2

3
× ρs

ρ
+ 1

3
)
√
D (4)
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For cross-flow frequency, the vertical dynamic stiffness (KV ) is used, and it is
given by Eq. 5 according to DNVGL-RP-F114 [15] clause 7.2.4.

KV = Cv

(1 − ν)
× (

2

3
× ρs

ρ
+ 1

3
)
√
D (5)

CL and CV are the coefficients with respect to soil and taken from Tables 7.3 to
7.4 of DNVGL-RP-F114 [15], respectively, and are tabulated in Table 3. ν is the
Poisson’s ratio of corresponding seabed soil, ρs

ρ
is the ratio of density pipe mass (not

including addedmass) and displaced water, andD is outer diameter of pipe including
coating thickness.

2.3 Determination of Natural Frequency by Numerical
Method

Commercial finite element software Abaqus 6.12 [17] has been used to determine
natural frequency of free spanning offshore pipeline. A finite element analysis in
Abaqus includes various modules such as creating a model, defining material prop-
erty, assembling various parts, creating step module, specifying boundary condi-
tions and external loads, specifying the interaction property between different parts,
discretization of parts, and finally post-processing. Here, the geometric and material
properties used in FEA analysis are same as in analytical method.

The geometry of the model

In Abaqus CAE software, free span pipeline has beenmodelled as pipeline supported
by two equal sizes of soil shoulders. To model a free span pipeline, reasonable and
practical 3D-FE models have been established here. The pipeline model has been
created as a 3D deformable shell model due to thin thickness of pipeline and soil in
shoulder modelled as a 3D deformable solid body as shown in Figs. 2 and 3. Pipe
has been assumed to be half diameter embedded into soil [11].

Fig. 2 Free span offshore pipeline model with homogeneous soil in FEA
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Fig. 3 Free span offshore pipeline model with layered soil in FEA

Pipeline model

A 3D reduced shell continuum element with four nodes as a first-order (or linear)
interpolation (S4R) has been chosen for the pipe. Length, outer diameter, and wall
thickness of pipe are given in Table 1. The total length of pipeline is 420m. Shoulder-
length on each side of free span is taken as three times of free span length [1]. The
material property of pipeline has been shown in Table 2. Steel pipeline has been
chosen, considered as an elastic and isotropic in this study.

Soil model

The soil is modelled as a rectangular block, and both vertical and horizontal bound-
aries are placed at 6.25 m (6.25D) away from the centreline of the embedded portion
of pipe [11]. The 3D reduced integration continuum element with eight nodes as a
first-order (or linear) interpolation (C3D8R) is used to model soil in the shoulder.
The “R” denotes reduced integration formulations. In this study, two different soil
models have been taken. The first one is homogeneous soil (Fig. 2) model (stiff clay
or hard clay), and the second one is layered soil with topsoil as stiff clay and followed
by hard clay (Fig. 3). Soil is assumed to be an elastic–perfectly plastic material, thus
here Mohr–Coulomb failure criteria has been adopted.

Meshing and Seed

It is an important module since the accuracy of the result depends on meshing of the
assemblies. A biased discretization is provided near the contact surface of pipe and
soil, as finer elements are required near the contact region to incorporate the pipe-soil
interaction more efficiently.

The mess sensitivity analysis has been performed to find out the optimum size of
element. To do this, first soil shoulders are modelled with 540 numbers of C3D8R
elements, and pipe is modelled with 2100 numbers S4R elements.With this messing,
total time required to complete the analysis of themodel was 36 s, and obtained inline
and cross-flow fundamental natural frequencies of the model were 0.66296 Hz and
0.73149 Hz, respectively. Secondly, while doing the meshing of pipe, the numbers
of element have been kept same, whereas the soil shoulders have been messed with
3584 numbers of C3D8R element. With this messing, the total time required to
complete the analysis of the model was 66 s, and the obtained inline and cross-flow
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Fig. 4 Applied meshes in a free span model with elements in 100 m models

fundamental natural frequencies were 0.66201 Hz and 0.74438 Hz, respectively.
Again, while doing the meshing of pipe, the numbers of element have been kept
same, whereas the soil shoulders have been messed with 22,176 numbers of C3D8R
element. Now, the model has taken a total time of 549 s, and the obtained inline
and cross-flow fundamental natural frequencies are 0.66212 Hz and 0.74469 Hz,
respectively. So, it was concluded that the optimum number of C3D8R elements at
shoulders is 3584. Lastly, the optimum number of pipe elements were studied and
it was considered that the number of pipe elements at the bottom of pipe and the
contact region of soil is same. The optimum number of S4R element is 2100 in this
study. Figure 4 shows enlarged picture of applied meshes on free span model.

Load

The self-weight of the model is applied by providing gravity loading. The mass of
concrete cover and added mass are considered as the non-structural mass because
the stiffness contribution to structural stiffness matrix is assumed as negligible. The
submerged weight of pipe is also added to the non-structural mass.

Model boundary conditions

Two types of boundary conditions (hinge and fix) are considered in this analysis. To
restrain the translation movement along the sides of soil shoulder (i.e. “Z” axis) and
shoulder ends (i.e. “X” axis), hinge supports are provided. The bottom surface of
the soil shoulder is to be restrained from translation and rotational movements. To
achieve this, fix support has been assigned to the bottom surface. So, an infinitely long
pipeline which is resting on a seabed soil, has been represented by this assumption of
boundary condition [18]. The boundary conditions provided in this model are shown
in Fig. 5.

Interactions

To execute the study for interaction between soil and subsea pipeline under a dynamic
excitation, the portion of pipe surface embedded in soil was treated as fully rough and
also assumed that a frictional property exists between soil surface and pipe surface,
thus “surface to surface contact” has been used with penalty friction. In the case of
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Fig. 5 The boundary conditions of the free span offshore pipeline model in FEA

layered soil model, the interaction between two types of clay “tie constraint” has
been used, as it is assumed that both clay surfaces are fully bonded to each other.

3 Results and Discussion

3.1 Homogeneous Soil

Here, a free span having homogeneous seabed has been studied by both numerical
models and DNV guidelines. Two different types of clay in the shoulder are selected
for this analysis, homogeneous stiff clay and hard clay. The L/D ratio of the model
is 60. The mode shapes of free span offshore pipeline for first inline and cross-flow
frequencies with stiff clay soil are shown in Figs. 6 and 7, respectively.

Table 4 shows the comparison of results from FEAwith DNV for the two selected
verification cases. It is observed that both models show around 5% variation in inline
flow frequency and cross-flow frequency. Thus, the inline and cross-flow frequencies
vary for both DNV and FEAwithin the permissible limit (i.e. 5% according to clause

Fig. 6 1st inline mode shape in the FE model with homogeneous stiff clay
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Fig. 7 1st cross-flow mode shape in the FE model with homogeneous stiff clay

Table 4 Comparison of fundamental natural frequencies from FEAwith those of DNV for the two
selected verification cases

Soil type Direction of flow DNV (Hz) FEA (Hz) Percentage variation

Stiff clay Inline 0.6738 0.6715 0.34

Stiff clay Cross-flow 0.7072 0.7482 5.48

Hard clay Inline 0.7297 0.7187 1.51

Hard clay Cross-flow 0.7565 0.8039 6.72

6.7.4 of DNVGL-RP-F105) [12]. This observation validates the FE model prepared
in Abaqus.

3.2 Non-Homogeneous Soil

The non-homogeneity of seabed soil in free span soil shoulder has been incorporated
by introducing a layered profile. The seabed soil is assumed to be a two-layer system.
A stiff clay stratum is considered to be overlaid above the hard clay stratum, and the
pipeline is laid on the top of the stiff clay. In this section, a parametric study of varying
stiff clay depth while keeping the total depth of soil constant has been carried out,
to analyse the influence of this layered soil profile on the natural frequencies of free
spanning pipelines. For this, total five different free spanmodels have been generated
with 1 m, 2 m, 3 m, 4 m, and 5 m depth of stiff clay. The total depth (6.25 m) of soil
shoulder is considered to be the same for all free span models by providing hard clay
underneath the stiff clay stratum. Figures 8 and 9 show the first inline and cross-flow
mode shapes of the free spanning pipeline with 1 m stiff clay layer over 5.25 m hard
clay, respectively. Table 5 gives a summary of the frequencies computed by Abaqus
CAE for this parametric study of layered soil.

Here, in these analyses, it is shown that the effect of increasing stiff clay depth
(1m, 2m, 3m, 4m, and 5m) on inline natural frequency is very negligible (no change
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Fig. 8 1st inline mode shape in the FE model with 1 m stiff clay and 5.25 m hard clay

Fig. 9 1st cross-flow mode shape in the FE model with 1 m stiff clay and 5.25 m hard clay

Table 5 Results of the
parametric study of layered
soil computed on Abaqus
CAE

Depth of stiff
clay (m)

Depth of hard
clay (m)

Direction of
flow

Frequency
(Hz)

1.00 5.25 Inline 0.6680

Cross-flow 0.7668

2.00 4.25 Inline 0.6613

Cross-flow 0.7570

3.00 3.25 Inline 0.6586

Cross-flow 0.7493

4.00 2.25 Inline 0.6569

Cross-flow 0.7427

5.00 1.25 Inline 0.6562

Cross-flow 0.7399
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Fig. 10 The variation of cross-flow frequency with increasing depth of stiff clay soil

up to two decimal places) except stiff clay with 1 m and 2 m depth model. The cross-
flow natural frequency for stiff clay with 1 m thickness comes as 0.7668 Hz, which
is close to the cross-flow frequency of homogeneous hard clay model (0.8039 Hz).
But, it is observed that when the depth of stiff clay is increased (2 m, 3 m, 4 m,
and 5 m), the natural frequency approaches to the cross-flow natural frequency of
homogeneous stiff clay (0.74814 Hz). To visualize this phenomenon, a graph has
been plotted between depth of stiff clay and cross-flow natural frequency (Fig. 10).

4 Conclusions

The lowest inline and cross-flow natural frequencies have been calculated by both
numerical and DNVGL-RP-F105 [12] guidelines for a free span having homoge-
neous soil shoulders. The FE analysis shows a variation of around 1% for inline
natural frequency and 6% for cross-flow natural frequency when compared with
DNV guideline. So, there is a good agreement between the FEAmodel and the DNV
guidelines, which validates the FEA model.

A non-homogeneous free span soil shoulder has been modelled by assuming stiff
clay laid over hard clay stratum.

From this study, the following conclusions can be drawn:
For non-homogeneous soil having a layered profile, if the topmost soil is a thin

stratum (1 m or less), then there are significant variations in both inline and cross-
flow natural frequencies compared to those of homogeneous soil having the same
soil throughout. So, in a layered soil, if the topmost soil stratum is thin, then it cannot
be assumed as homogeneous soil.
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If the topmost soil stratum is more than 1 m, the increasing depth of topsoil will
not significantly affect the inline natural frequency as compared to that in case of
homogeneous soil having the same topmost soil. Whereas as the depth of the top
layer is increasing, the cross-flow frequency will approach that of homogeneous soil.
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Seismic Performance of Buildings
in Hilly Regions with and Without Base
Isolation and Cable Support System

V. S. Athira, S. Nair Minnu, and S. C. Mohan

Abstract The construction of buildings in hilly areas faces several challenges, such
as slope stability, suitable building configuration, etc. The capacity of buildings on the
sloping ground reduces as it has to accommodate different length columns in a single
storey. These buildings possess both vertical and horizontal irregularities. The current
study is an effort to comprehend the effect of seismic forces on the buildings in hilly
regions and suitable protection systems. A comparative study of a fixed base, base-
isolated, cabled-supported, and base-isolated building with cable support is carried
out. The base isolator is designed according to the UBC-97 guidelines. Seismic
analysis results show that the base isolator building outperformed other protection
systems. Moreover, the base-isolated building with cable support also performed
equally sound as base-isolated building. The reaction forces in the cables reduced
the stiffness requirement of the isolator. On the other hand, the cabled building did
not show any effect on the building.

Keywords Building in hilly regions · Base isolation · Cable support ·
Irregularity · Seismic analysis

1 Introduction

An earthquake is considered to be a major threat in the unrecorded and recorded
human history [1]. An earthquake can be described as a result of a sudden movement
of tectonic plates, which results in the release of energy. Its impact affects larger areas
and is usually unpredictable, causing loss of life and property and poses problems to
the communication systems, transport systems, etc., and results in social and financial
weakening of the country. From previous earthquakes, it is confirmed that hilly areas
are most vulnerable to earthquakes. Hilly regions are the toughest, and most exciting
features to carry any developmental activities. Construction of buildings in hilly
terrain is inhibited by their difficult terrain, steep inclines, complicated geological
structure, climatic settings, and rich flora. In retort to these settings, various built
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Fig. 1 Seismic safety issues
associated with buildings on
slopes [2]

form construction techniques and patterns of development have arisen in different hill
regions of the country. Fast urbanisation has led to an increase in the population size
of the hill towns and, at the same time, the development of hilly areas. Thus, there is
an increased demand for the development ofmulti-story buildings on sloping ground.
Lesser availability of plain ground also makes these construction activities on the
sloping ground necessary. Buildings in hilly areas are different from those in plains.
They possess vertical and horizontal irregularities and are torsionally coupled. As a
result, those buildings built on slanted grounds are highly susceptible to earthquakes.
These irregularities result in complex seismic behaviour, not anticipated by any of
our current seismic codes. The buildings in hilly areas possess columns of different
length in the ground storey due to the sloping nature of the ground. Wind load may
also be considered critical when the upward slope exceeds 3°. Construction in hilly
areas poses several challenges, as depicted in Fig. 1 such as topographic amplification
of seismic ground motion due to the geometric features, slope failure hazard, and
irregular configurations of buildings due to foundations at different levels, etc.

1.1 Current Scenario in Hilly Regions of India

The most serious concern for the engineering community during the planning and
design of buildings in hill regions is their safety against natural hazards.Many vernac-
ular practices like the Dajji wall, Kath-Kuni, Koti-banal, taaq, and wooden build-
ings have good responses during previous earthquakes (Fig. 2). However, current
construction practices in hilly areas lack good seismic resistance and cause serious
loss of human life and other precious resources. Therefore, conventional methods
can be adopted with suitable modifications for the construction of better earthquake-
resistant buildings in hilly areas. Materials like timber and thatch used in old-style
buildings that are susceptible to fire and termite attacks can be replaced with more
robust and fire-resistant materials like steel or aluminium.
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Thathara Style Kath-Kuni style

Dajji Diwari and Kath-Kuni Sytle Mud Houses

Fig. 2 Vernacular practices in hilly areas [5]

1.2 Configurations of Buildings in Hilly Areas

Buildings in hilly areas possess exceptional structural configurations compared to
normal buildings. Normally adopted configurations of buildings in hilly zones are
shown in Fig. 3 [3]. In step-back buildings, successive floors step back towards

Fig. 3 a Step back building. b Set back and step back building [3]
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the hill slope. Step back buildings have unequal column heights that cause stiff-
ness variations in along-slope and cross-slope directions. Thus, even buildings with
symmetric horizontal configurations are torsionally coupled and have high vulnera-
bility to earthquakes. Considering the inefficiency of current construction practices
adopted in hilly areas and the loss of life and resources, methods like base isolation,
additional stiffness provision, etc. should be adopted to improve the performance of
buildings in hilly areas during an earthquake. In this study, the effects of the provision
of base isolation and the provision of cables for additional stiffness in buildings of
hilly areas are studied.

1.3 Base Isolation

Base isolation is the most safest method that can be adopted in earthquake-prone
areas [1]. The objective of a seismic isolation system is to separate a building from
its foundation soil so that the building is least affected during an earthquake. Base
isolations devices are usually provided to reduce stiffness in the horizontal direction.
The basic idea behind base isolation is to shift the time-period of the building and
avoids the resonance condition [4]. In an isolated base building, the base isolation
device is placed between the superstructure and the foundation of the building. This
enables to detach building from the ground; by doing so, the energy induced by
an earthquake is not transmitted up through the building. The use of base isolation
in a building reduces base shear and acceleration. It avoids seismic damage to the
building. However, the use of base isolation is a challenge in hilly regions as isolators
have to be designed for various levels according to the reaction force. Designing all
the isolators with the highest force is not economical; hence a separate design is
required for forces at different levels of foundation.

The following are three major requirements of a good seismic isolation system:

1. Sufficient horizontal flexibility to increase the time-period of the building.
2. Sufficient capacity to dissipate energy or damping to reduce the displacement.
3. Sufficient rigidity to the structure under service loading.

1.3.1 Lead-Rubber Bearing

Lead-rubber bearing (LRB), applied to buildings and bridge constructions, is a cost-
effective way for seismic isolation. An LRB is composed of a laminated elastomeric
bearing pad, top, and bottom sealing & connecting plates, and a lead plug which is
inserted in the middle of the bearing. The lead core provides rigidity to the building
under service loads, and this facilitates energy dissipation during major earthquakes.
When subjected to minor earthquakes, the lead-rubber bearing provides lateral and
vertical stiffness. The lateral stiffness is a result of the high elastic stiffness of the
lead plug and the vertical rigidity.
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The main advantage of lead-rubber bearing is that in a single compact unit, it
provides rigidity at service load levels, flexibility at earthquake load levels and
provide damping. The LRB possesses energy absorbing capacity through additional
hysteretic damping through the yielding of the lead core, which helps in reducing
lateral displacements of the isolator.

1.4 Cable Supports

Cables are tensile members which can be provided as beams and membranes or to
assist beams, columns, other member types as stay wires or suspended members.
The application of cables can be seen cranes, ships, towers, bridges, roofs, etc. In
cable structures, ropes, strands, chains, etc., are provided as tensile members as main
load-bearing elements and give support to other members, resist lateral forces. In this
study, cables are provided along one side of the building with the longest columns.
The cables are attached to the joints and assigned fixed supports at the other end (at
6 m away from the building). The idea behind the provision of cables was to study
the effect of increasing the stiffness of superstructure.

2 Objectives and Methodology

The present study emphasises on the comparison of the seismic performance of a
building in a hilly region with and without suitable earthquake protection systems.
In addition to base isolation, cable support is assigned to the building and analysed
with the following objectives:

• Study the behaviour of a building in the hilly region during an earthquake.
• Study the seismic response of the building when the base isolator is provided.
• Study the effect of providing cable support to the building under seismic activity.
• Study the effect of providing a combination of cable support and base isolation

on the seismic performance of the building.

The software used for the study is ETABS. Dynamic analysis was carried out
for the building. The building is modelled, and analysis was carried according to IS
1893: 2016 and IS 456: 2000. The building was subjected to Koyna ground motion.
Lead core rubber bearing was designed according to UBC 97 code. The building is
modelled as a five-storeyed set back building in seismic zone V. The building details
are given in Table 1.
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Table 1 Building details Plan dimension 30 × 15 m

Beam 450 × 550 mm

Column 600 × 600 mm

Slab 125 mm thick

Storey height 3 m

3 Models Considered for Analysis

The study involves the analysis of fourmodels: buildingwith fixed base, base-isolated
building, cable-supported building, and the onewith cable support and base isolation.
The plan view of the top floor of the models is shown in Fig. 4. The four models are
shown in Figs. 5, 6, 7 and 8. The four models are titled as:

1. Model A—Building with a fixed base (Fig. 5).
2. Model B—Building with base isolation (Fig. 6)
3. Model C—Building with cable support. (Fig. 7).
4. Model D—Building with cable support and base isolation. (Fig. 8).

The fixed base building is analysed for static and seismic loads. From the reac-
tions obtained base isolators for different levels are designed. For Model C, the
building was given cable support. Steel cables of diameter 100 mm were provided.
The reactions were determined, and the base isolator was designed for the same.

Fig. 4 Top floor plan view of the building
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Fig. 5 3D view of Model A

Fig. 6 3D view of Model B

Fig. 7 3D view of Model C
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Fig. 8 3D view of Model D

3.1 Properties of Isolator

For building Model B and Model D, different isolators were designed according to
the reactions in each storey level. Both base isolators are designed according to the
UBC-97 guidelines. The properties of the two isolators are given in Table 2.

Table 2 Base isolator properties

Models Levels Maximum
reaction (kN)

Horizontal
stiffness (kN/m)

Vertical stiffness
(kN/m)

Height of isolator
(mm)

B 1 131.17 72.399 25750.05 540

2 386.11 212.81 75691.8 475

3 624.85 344.47 122516.8 450.4

4 872.69 480.92 171048.65 442

5 1126.96 621.13 220916.2 442.4

D 1 76.85 42.354 15064.15 577.6

2 230.16 126.85 45118.25 500.8

3 378.78 208.85 74281.86 475

4 533.51 293.9 104558.5 458

5 1124.59 619.88 2204709.5 442.4
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4 Results and Discussions

4.1 Modal Analysis

Themodal analysis was done first to get an idea of possible mode shapes of the build-
ings. The models were then studied under the response spectrum analysis technique
to observe the response of both conventional and base-isolated buildings concerning
time. Mode shapes are the deformation pattern of the building when vibrating at a
particular natural frequency. The mode shapes of all the four models were analysed
to study the behaviour of all the storeys in the fundamental mode. The fundamental
mode in X-direction is opted for the study.

From Fig. 9a–d it can be seen that Model A and C behaved similarly. This can
be due to the futility of the cable under seismic action. Models B and D behaved
similarly, and the displacement was found to be higher for these models. The param-
eters considered for evaluating the building are time-period, storey acceleration, base
shear, storey shear, overturning moment, storey displacement, and storey drift.

Fig. 9 a Fundamental mode shape of Model A. b Fundamental mode shape of Model B. c
Fundamental mode shape of Model C. d Fundamental mode shape of Model D
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4.2 Variation in Time-Period

This study demonstrated that the overall response was mainly affected by the incor-
poration of rubber bearings used as base isolators. The predominant time-period has
been lengthened for the seismically isolated building as logically expected. Figure 10
shows the variation of the time-period in the fundamental mode. The base isolation
(Model B) has increased the fundamental time-period of building to 5.8 s compared
to that of 0.2 s for the fixed base building (Model A). The cabled building does not
showmuch change in time-period,whereasModelD shows an increased fundamental
time-period to 2.67 s; hence it is comparable with Model B. Base isolators make the
building more flexible at the base and helps in less transfer of lateral forces at the
time of an earthquake. Thus the time-period is found to be higher for base-isolated
buildings.

4.3 Variation in Storey Acceleration

Figure 11 shows the variation of storey accelerations in different storey levels. They
are indicators of inertia forces acting at different storey levels. As a general rule, the
force acting on a building is directly proportional to its acceleration. Hence, the main
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Fig. 11 Variation in storey
acceleration
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aimshould be to reduce the acceleration to decrease the seismic forces on the building.
According to the results obtained, a reduction in acceleration at storey levels by the
use of isolators is observed. The accelerations are found to decrease significantly for
Model D also. The cabled building is found to face the same accelerations as that of
fixed building.

4.4 Variation in Base Shear

Base shear is the maximum lateral force acting at the base of the building during
seismic activity. When a building is base-isolated, the maximum elastic forces are
reduced due to the shift in time-period and energy dissipation by the isolator. Thus,
a considerable reduction in base shear is witnessed in the base-isolated building. It is
obvious from Fig. 12 that base shear is high for fixed and cabled buildings, whereas
forModel B and D base shear has considerably reduced and are almost similar which
shows the effectiveness of the isolator. The less stiff isolated building gave the same
results as that of high stiff isolated buildings.

4.5 Variation in Storey Shear

Storey shear is the seismic force acting at different storeys. For the top storeys,
Model, D performed better than all other models, as observed in Fig. 13. However,
at the second and first storey, the results were reversed as storey shear was found to
be more for Models B and D. The storey shear was found not to follow a uniform
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Fig. 12 Variation in base
shear
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Fig. 13 Variation in storey shear

pattern of change with the storeys for the models studied. This might be due to the
difference in the floor area for each storey.
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4.6 Overturning Moments

The overturningmoment is experienced by the structurewhen it is subjected to lateral
forces such as wind force, seismic force, etc. The force causes lateral deflection of the
structure in the direction of the force and hence leads to the formation of overturning
moments. Stability of the structure considerably increases if the overturning moment
is considered for analysis. From Fig. 14, it is evident that moments are considerably
reduced forModels B andD. This is because less force is acting on the super building
for isolated buildings; hence less moment is observed.

4.7 Variation in Storey Displacement

Storey displacement refers to the maximum total displacement experienced by the
storey. Higher displacement of storeys creates uneasiness to the occupants (Fig. 15).

It was observed that Model A and C had similar displacements in all the storeys.
The highest displacement was found for Model B in all the storeys, which reduced to
60% inModel D in all the storeys. This was because cables provided extra stiffness to
the building,which reduced displacement.Model B had 90%more displacement than
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Fig. 15 Variation in storey displacement

Models A and C. Base-isolated buildings were found to have higher displacements
as it is more flexible than fixed base building.

4.8 Variation in Storey Drift

It is observed that in the top storey drift is very less for Models C and D. It is evident
that storey drift is high for base-isolated building (Model B) however, the presence
of cable has reduced the storey drift to a very great extent (Model D). The effect of
cables in reducing storey drift is found to decrease in the lower storeys; however, it
was found to perform better than base-isolated building (Model B) (Fig. 16).

5 Conclusions

The study focused on a comprehensive analysis of seismic responses of a building
in the hilly area. Earthquake protection systems used in the study were base isola-
tion and cable supports. The primary focus of the study is to make base isolators
economical by combining with cable support technique. The challenge was high as
this had to be implemented in hilly terrain. By introducing cables to the base-isolated
building, the stiffness of the building increases, thus reducing the demand of highly
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stiff base isolator. Therefore the cost of the base isolator can also be reduced consid-
erably, making it available for the common people. Parameters such as time-period,
storey accelerations, base shear, storey shear, overturning moments, storey displace-
ments and storey drift in different models were considered for the comparative study.
From the results obtained, it was found that the base-isolated building showed better
seismic performance. In contrast, cable with base-isolated building gave comparable
results as that of base-isolated building. It can be inferred that cables act as extra
stiffness providers which reduce the reactions hence reducing the material and stiff-
ness required for the isolator. It can be seen that the low stiffness isolator performs
as good as the high stiffness isolator. On the other hand, only providing cables is not
effective to reduce seismic demand on the building.
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Damage Assessment of Tunnels
in Seismic Prone Zone During
Earthquakes: A Part of Hazard
Evaluation

Abdullah Ansari , K. Seshagiri Rao, and A. K. Jain

Abstract Tunnels are generally constructed in urban areas and metro cities to fulfill
the rising need of space and passage due to urbanization. These infrastructure may
get damaged because of earthquakes occurring in that particular area where tunnels
are constructed. While designing tunnels in seismic prone zones, it is ensured that
tunnels must withstand under both seismic and static loading. Recently occurred
large magnitude earthquakes caused significant damages of the tunnels including
the 1995 Kobe earthquake in Japan, the 1999 Chi-Chi earthquake in Taiwan and the
2008Wenchuan earthquake in China. During damage evaluation, tunnel damages are
broadly categorized into five classes based on damage index including no damage,
minor damage, moderate damage, major damage and collapse. This paper gathers
the materials of tunnels affected by the 1995 Kobe earthquake in Japan and the 1999
Chi-Chi earthquake in Taiwan, and the grades of damage are calculated based on
seismic performance. Earthquake intensity, distance from fault, rock classification,
tunnel length and overburden depth are considered as the tunnel damage factors
while doing analysis. Considering these parameters, the formula for seismic damage
evaluation for tunnel is deducted using the least square method. Further, this formula
ismodified after taking into account additional factors like construction time, seismic
fortification strength and portal stability.
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1 Introduction

The large magnitude earthquakes may cause the damage of surface as well as under-
ground structures [1, 3]. Tunnels are generally constructed in urban areas and metro
cities to fulfill the rising need of space and passage due to urbanization. They may
be subjected to different types of dynamic loading conditions like impact load, blast
load and seismic load. Construction of tunnels in seismically active region involves a
unique challenge for geotechnical as well as structural engineers tomake earthquake-
proof underground structures. These structures are subjected to strong damage in
case of earthquakes if designed without considering seismic effects [2]. Seismically
induced tunnel damage with surface peak ground acceleration correlated using data
from 70 case histories and employing relevant attenuation relationships [7]. The rock
tunnels are subjected to damage for Peak Ground Acceleration (PGA) below 0.4 g
[13]. Tunnels constructed at greater depth are safer while damage will bemore exten-
sive with increasing magnitude of an earthquake and decreasing epicentral distance
[16].

Minor damage on tunnels for Peak Ground Acceleration (PGA) values lower
than 0.2 g and slight to heavy damage for Peak Ground Acceleration (PGA) greater
than 0.2 g observed during the 1995 Hyogoken-Nambu earthquake in Kobe, Japan
[14]. It is worth noticing that the 1995 Hyogoken-Nambu earthquake was a rather
destructive event for tunnels, as more than 12% of the tunnels in the epicentral area
were heavily damaged [4, 19]. The damage mechanisms were extensively studied
by several researchers. They all highlighted that most of the damaged tunnels were
designed and built neglecting an appropriate seismic assessment [8]. The collapse
of the twin Bolu tunnel (Turkey) during the 1999 Kocaeli earthquake caused by the
combined effects of ground shaking and ground permanent deformation [8, 10]. The
collapse took place during construction in the unfinished section of the tunnel, which
was deformed in an oval shape, causing crushing of the shotcrete and buckling of
the steel ribs at the shoulder and at the knees. A large number of mountain tunnels
suffered significant damage during the 1999 Chi-Chi earthquake in Taiwan [11, 12].
In this event, 26% of the 50 tunnels located within 25 km of the earthquake fault were
severely damaged, while over 20% of the tunnels were moderately damaged. Various
types of damage were observed like lining cracks, portal failures, displaced lining,
spalling of the concrete lining, groundwater inrush, rockfalls in unlined sections ad
lining collapses.

Similar to Chi-Chi earthquake, devastating damages were observed in moun-
tain tunnels during the 2004 Mid Niigata Prefecture earthquake in Japan, the 2007
Niigata Prefecture Chuetsu Offshore Earthquake and the 2008Wenchuan earthquake
in China [9, 15, 18, 20]. Earthquake magnitude, depth and epicentral distance of
the seismic source, geometrical properties of the lining, burial depth and sudden
changes of tunnel dimensions are the most critical parameters affecting mountain
tunnel damages during the seismic activity. A damage classification for tunnels was
proposed based on 254 damage reports from the 1999 Chi-Chi earthquake, the 2004
MidNiigata Prefecture earthquake and the 2008Wenchuan earthquake [18]. The ring
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Table 1 Major tunnel damages due to historical earthquakes

Tunnel name Usage Location Earthquake
magnitude (Mw)

Date

Wrights Railway San Francisco,
USA

7.9 18 Apr 1906

Tanna Railway North Izu, Japan 7.2 26 Nov 1930

Kern County Railway Kern Co., CA,
USA

7.5 21 Jul 1952

Inatori Railway Izu Oshima,
Japan

7.0 14 Jan 1978

Pavoncelli Water supply Irpinia, Italy 6.8 23 Nov 1980

Rokko Railway Kobe, Japan 7.2 17 Jan 1995

Shioya-Danigawa Railway Kobe, Japan 7.2 17 Jan 1995

outlet tunnel of
Kakkonda 2
hydropower station

Diversion tunnel
of dam

Iwate, Japan 6.1 3 Sep 1998

Bolu Istanbul-Ankara
highway

Izmit, Turkey 7.4 17 Aug 1999

Intake tunnel of
Shih-Kang dam

Intake Chi-Chi, Taiwan 7.6 23 Sep 1999

Intake tunnel of
Omiya dam

Intake Tottori, Japan 7.3 6 Oct 2000

Tottori Hydropower plant Tottori, Japan 7.3 6 Oct 2000

Uonuma Railway Chuetsu, Japan 6.8 23 Oct 2004

Longxi Road Wenchuan,
China

8.0 12 May 2008

cracks were found on the Tawarayama tunnel with a spacing of 10 m in around 20%
of the spans of the tunnel during 2016 Kumamoto Earthquake [21]. A back analysis
of damages suffered by Benedetto tunnel during the 2016 Norcia earthquake (Italy)
carried out to evaluate the ability of available methods for analysis to predict seismic
performance of tunnels [5]. Damage of tunnels due to earthquakes will lead to failure
of transportation network and economical loss. Hence, it is very important to under-
stand the damage pattern of tunnel in seismically prone zones so as to mitigate the
damages of these infrastructure postured by such catastrophism (Table 1).

2 Damage Assessment of Tunnels

The relationship of tunnel damage level with the magnitude and intensity of earth-
quake as well as epicenter developed considering 71 rock tunnel response to earth-
quake motions [7]. Ground moment acceleration ≤0.19 g and ground moment
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velocity ≤20 cm/s will lead to no tunnel damage. Ground moment acceleration
ranging between 0.19 g and 0.5 g and ground moment velocity ranging between
20 cm/s and 80 cm/s will cause minor tunnel damage. In case, if ground moment
acceleration and ground moment velocity become greater than 0.5 g and 80 cm/s
respectively, then tunnel will be subjected to severe damage. Increasing in tunnel
lining thickness will result into more damage. The 40 cm and 30 cm thickness of
tunnel lining contribute around 85% and 35% damage, respectively. The percentage
of damages are 16%, 40% and 60% for hard rock, soft rock and earth, respectively.

The correlation between Peak Ground Acceleration (PGA) at surface, overburden
depth and damage was developed to study the stability of underground structures by
considering the 85 historical earthquakes that occurred across theworld [16]. Tunnels
constructed in soft soil can be damaged easily. Safety index for tunnel damages due
to fault and liquefaction analyzed which proved that damage level can be decided
based on fault displacement and tunnel lining materials [6]. Tunnels passing through
the fault zone will be subjected to serious damage in case if portals located nearby
fault line. In case of severe damage, there is strong probability of portal landslide.

2.1 Earthquake Induced Tunnel Damages

Earthquake induced tunnel damages can be broadly categorized as follows:

(a) Damages due to rock failure including landslides and liquefaction
(b) Damages due to fault displacement
(c) Damages due to vibration and ground shaking.

The damages of tunnels due to ground failure can be controlled bymeans of doing
proper geological investigation as well as geotechnical analysis. Damage due to fault
displacementmay cause serious destruction of tunnel lining and tunnel portals. There
would be chances of minor damage in cases of any ground shaking compared to fault
displacement. For the case of firm type of surrounding geology, tunnel structures
would not be able to resist the deformation due to propagation of seismic waves
during any earthquake activity.

2.2 Types of Damage Grade and Damage Index

The tunnel damages are broadly categorized into five grades. There are (a) no damage,
(b) minor damage, (c) moderate damage, (d) severe damage and (e) collapse.

(a) No Damage: In case of no damage case, small cracks are developed with no
rock fall.

(b) Minor Damage: Tunnel linings start showing cracks in case of minor damage
with rock fall.
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(c) Moderate Damage: Lots of destructive cracks are developed while having
moderate case of damage.

(d) Severe Damage: In this case, big cracks developed in tunnel lining, falls of big
rocks and sinking of road surfaces. Tunnels get heavy damages and remain
useless without repair.

(e) Collapse: This is the extreme destructive case of tunnel damage during
earthquakes, where serious cracks and clear deformation can be observed
in the tunnel lining. Tunnel structure gets collapsed and there occurs need
of reconstruction as traffic gets blocked completely and traffic network is
interrupted.

For above mention five types of damage classes, there corresponding damage
index ranges are (0, 0.2), (0.2, 0.4), (0.4, 0.6), (0.6, 0.8) and (0.8, 1), and the
characteristic values are 0.1, 0.3, 0.5, 0.7 and 0.9.

3 Development of Damage Assessment Model

Recently occurred 1995 Kobe earthquake in Japan and 1999 Chi-Chi earthquake
in Taiwan caused significant damages of the tunnels. In this study, the materials
of tunnels affected by the 1995 Kobe earthquake in Japan and the 1999 Chi-Chi
earthquake in Taiwan, and the grades of damage are calculated based on seismic
performance [4, 11, 12, 17].

A large number of mountain tunnels suffered significant damage during the 1995
Kobe earthquake in Japan and the 1999 Chi-Chi earthquake in Taiwanwhose damage
grade aswell as damage index are decided based on their damage level as described in
the previous Sect. 2.1. Earthquake intensity, distance from fault, rock classification,
tunnel length and overburden depth are considered as the earthquake damage factors
while developing damage assessment model as mentioned in Table 2.

For analysis, least square method was used assuming damage index as a linear
function. Total five governing parameters and “n” number of tunnels considered
where number j factor has r j categories when ith tunnel response is δi( j.k) (j = 1 …
5). The damage function is represented as follows:

yi =
∑5

j=1

∑r j

k=1
δi( j,k)b jk + ei i = 1 . . . n (1)

In the above mentioned mathematical equation, b jk(k = 1, 2, . . . , r j ) is a coeffi-
cient; ei (i = 1, 2, . . . , n) is a residual number for ith tunnel; δi( j,k) is the response of
the factor j. The value of δi( j,k) will be equal to 0 if ith tunnel does not have category
k for the factor j. The yi mentioned in the above equation can be represented as
y = xb + e where coefficient “b” can be calculated using regression analysis based
on the least square method which is represented in the following Table 3. Here, the
correlation coefficient and stand deviation are 0.834 and 0.094, respectively.
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Table 2 Tunnels damaged during 1995 Kobe and 199 Chi-Chi earthquake

Tunnel name Earthquake
intensity

Rock
classification

Tunnel
length
(km)

Overburden
depth (m)

Through
the fault

Damage
grade

Rokko 10 Hard rock 16.25 460 Yes Severe

Kitakshi 10 Hard rock 6.91 350 Yes Severe

Keihaku 10 Hard rock 1.8 20.25 Yes Severe

Shinkobe 10 Hard rock 6.85 330 Yes Moderate

Kobe 10 Hard rock 7.95 272 Yes Moderate

Nishitakura 10 Hard rock 0.25 42 No Minor

Nagasaka 9 Soft rock 0.63 20 No Minor

Seikotsudaini 9 Hard rock 0.20 40 No Minor

Getsnmi 9 Soft rock 0.31 45 Yes Severe

Rokoyama 9 Hard rock 2.85 280 No Minor

Takakura 9 Hard rock 0.58 87 No Minor

Yekana 8 Soft rock 1.25 145 No Minor

Gosha 8 Hard rock 0.12 40 No Minor

Arima 8 Hard rock 0.45 6.5 No Minor

Tonglu 7 Soft rock 0.33 6.3 No No
damage

Sanyi - 1 7 Soft rock 7.5 24.1 Yes Severe

Sanyi - 2 7 Soft rock 0.52 3.5 No No
damage

Miaoli 7 Soft rock 0.98 4.5 No No
damage

Doufu 7 Soft rock 0.65 6.5 No No
damage

Modification of Damage Assessment Model

The damage assessment model was developed based on five important factors
including earthquake intensity, distance from fault, rock classification, tunnel length
and overburden depth. But from the historical earthquakes, it is clear that construction
time also plays a role for tunnel damage as tunnels constructed after 1990 showed
better performance when subjected to earthquakes in 1995 and 1999.

Tunnels construed before 1990 had small cracks in tunnel lining and not designed
properly considering seismic loading conditions. In case of any major earthquake
having intensity 9 or 10, the tunnel portals are affected a lot resulting into portal land-
slides. Hence, few more factors, construction time and seismic fortification strength
as well as portal stability considered to modify the already developed damage assess-
ment model. Following formula evaluated after doing regression using least square
method.
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Table 3 Factors considered and resulting coefficient for damage assessment model

Factor Category Coefficient

Calculated Suggested

Earthquake intensity 7 −0.0911 0

8 0.1840 0.03

9 0.3144 0.3

10 0.3712 0.4

Rock classification Soft rock 0.0565 0.06

Hard rock 0 0

Tunnel length (km) <1 km 0 0

>1 km 0.0696 0.07

Overburden depth (m) <30 0.1565 0.15

30–100 0.346 0.03

>100 0 0.01

Through the fault Yes 0.2891 0.22

No 0 0

Construction time and seismic fortification strength No fortification 0

7 fortification −0.03

8 fortification −0.12

9 fortification −0.18

10 fortification −0.22

Portal stability Very bad 025

Bad 0.17

Good 0.1

Very good 0

yi(modi f ied) =
∑7

j=1

∑r j

k=1
δi( j,k)b jki = 1 . . . n (2)

In the above equation, the suggested coefficient “b” can be calculated using least
square method represented in the following Table 3.

4 Conclusion

In away to fulfill the needs of space and passage due to rapid growth in population and
industrialization, sometime it becomes impossible to construct the tunnels in a seis-
mically prone zones. From the historical earthquakes, we get a lesson that tunnels are
subjected to damages ranging from no damage to collapse depending on earthquake
intensity and other geological parameters. In this study, types of earthquake-induced
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tunnel damage as well as their damage mechanics discussed. Using the technique
of regression analysis based on least square method, damage assessment model was
developed considering tunnel materials affected during the 1995 Kobe earthquake
and 1999 Chi-Chi earthquake. For this purpose, earthquake intensity, distance from
fault, rock classification, tunnel length and overburden depth, construction time and
seismic fortification strength as well as portal stability like factors considered which
influence the tunnel damage. This technique is effective and feasible and helps to
design the future tunnels considering seismic loading conditions. There are some
other damage factors which are not considered in this study, but can be used for
further research in a way to modify the existing damage formula. This study will
be helpful to formulate and design the mitigation measures with the early warning
systems as a part of hazard evaluation, which may eventually lead to less damage of
the tunnel structures.
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Pushover Analysis of Existing
Asymmetrical Building Using Modal
Load Pattern, Soil Flexibility and Infill
Walls—A Case Study

Karismita Pathak and Atanu Kumar Dutta

Abstract This work studies seismic vulnerability of an irregular block of Jorhat
Engineering College old building, constructed in 1960 with predated code situ-
ated in Seismic Zone-V. Non-linear Static Pushover Analysis performed in SAP
2000® using modal load pattern with infill walls modelled as strut as per IS IS1893
(Part-I):2016. Sub-soil exploration is conducted and stiffness of the spring for the
spring base structure is calculated as per ATC-40 guidelines. Detail plan of the
structure showing different beams and column dimension is made using Autodesk
AutoCAD®. The structure is simulated in SAP2000. Infill walls are designed as per
IS1893 (Part-I):2016.Modeling of infill is done as Equivalent Strut, pin-jointed to the
RC frame. Plastic hinges are assigned to the members as per FEMA-356, to identify
the critical members which have exceeded their capacities. Non-linear analyses are
performed for both the fixed and flexible base conditions. Inter-storey drift ratios and
plastic hinge locations were selected as response parameters. From the analysis, it is
observed that the pushover curves at the calculated target displacements are linear
for both the cases, which indicate that the deformation of the structure is in elastic
range.

Keywords Modal pushover analysis · Displacement controlled method · Target
displacement

1 Introduction

Structure suffers significant inelastic deformation during major earthquakes and the
dynamic characteristics of the structure changes with time. The non-linear static
procedure (NSP) or pushover analysis, as described in FEMA-273 [1] and its
successor FEMA-356 [2] is presently used extensively by structural engineers as
a standard tool for estimating seismic demands for buildings. However, these proce-
dures are often restricted to a fundamental mode response of a structure. Therefore,
these are inappropriate for high-rise buildings with an asymmetric planwhere torsion
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and higher modes have a significant impact. A modal pushover procedure is one of
the pushover methods that have been developed to consider these effects [3]. In this
present work, this procedure would be adopted to evaluate the seismic vulnerability
of An irregular block of Jorhat Engineering College Old Building (year of construc-
tion 1960). The place where it is lies falls in Zone-V, the most vulnerable seismic
zone as the Indian Seismic Zoning Map of 2002 [4].

2 Description of the Frame

2.1 Geometry

The building under consideration is a Plan-Irregular block of Jorhat Engineering
College as shown in Fig. 1. The dimensions are actually measured in the field.

Indian Seismic Code [5] defines plan irregularities for such L-type-buildings as
in Fig. 2.

With reference to Figs. 1 and 2, the ratio of outstands along Y-direction A/L1 is
9.2/29.96 i.e. 0.30 > 0.15. Thus, the classification of the structure as plan-irregular is

Fig. 1 Plan view of the
model showing different
sizes of beams and columns
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Fig. 2 Criterion for Plan
Irregularity of L-type
building [4]

valid. The structure is modelled as a 3-D frame using SAP2000®. The element sizes
are as follows:

Beam 1 (along Y-axis): 350 mm × 870 mm.
Beam 2 (along X-axis): 380 mm × 970 mm.
Column 1: 350 × 870 mm.
Column 2: 640 × 640 mm.
Column 3: 450 × 450 mm.
Column 4: 350 × 350 mm.
Slab thickness = 150 mm.
Plan area (sq m.) = 20.45 m × 29.96 m.
Floor to floor height = 4.48 m (ground storey) and 4.14 m (other floors).

2.2 Material Properties

Concrete strength of the building is measured by Non-Destructive testing using
ReboundHammer.The reinforcement details of themembers couldnot be ascertained
from field observation due to lack of proper instrumentation. The design documents
could not be traced either. It is however, gathered from authoritative source, that
seismic analysis of precode era for Assam’s building such as Assam Engineering
College building of 1950, was done based on assumed seismic coefficient (8% of the
storey weight). Accordingly, seismic analysis was done using the prevalent Indian
Seismic Code with specified load combinations. Reinforcement details against the
measured dimension of the structural members are arrived at using working stress
method of the IS 456: 2000. These reinforcements are used in the numerical model.

Modulus of Elasticity (Ec) of concrete considering M20 concrete = 5000
√
fck =

5000
√
20 = 22,360.68 N/mm2 [7].
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3 Numerical Modelling

3.1 Modelling of Strut

Infill walls are modelled as equivalent concentric diagonal strut modelled as per the
provisions of Clause 7.9.2.2 of IS 1893: 2016 [4]. The struts are connected at the
beam-column joints by pin joint as suggested in the same clause. It may be noted here
that the same clause makes no distinction between walls, with and without opening.
As such, when there is an opening in infill wall, no reduction of strut width is made.

To calculate the initial stiffness of the equivalent strut, effective width, length,
thickness and elastic modulus are important. The infill properties of the equivalent
strut are listed in Table 1. The infill panel is represented by an equivalent diagonal
strut of width a, and net thickness tw as shown in Fig. 1.

Thewidth of equivalent struts without openings are calculated as per the following
relations (Figs. 3, 4, 5, 6, 7 and 8)

Width
(
Wef f

) = 0.175(λ1 × H)−0.4 × w′ (1)

Table 1 Properties of infill
wall [5]

Infill material properties Values

Modulus of elasticity 5500 Mpa

Shear modulus 1018 Mpa

Thermal coefficient 0.0000081/°C

Poisson’s ratio 0.15

Fig. 3 Equivalent strut idealization of infill walls [4]
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Fig. 4 Infill wall positions for equivalent strut calculation

Fig. 5 Pushover curve along
X-direction as per Indian
code

Fig. 6 Pushover curve along
X-direction as per
FEMA-273
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Fig. 7 Pushover curve along
Y-direction as per Indian
code

Fig. 8 Pushover curve along
Y-direction as per
FEMA-273 [1]

λ1 =
[
Emt sin(2θ)

4E f e Icol Hinf

]1/4
(2)

where,

H column height between centre lines of beams.
Hinf height of infill panel.
Efe expected modulus of elasticity of frame material.
Em Expected modulus of elasticity of infill material.
Icol moment of inertia of column.
w

′
diagonal length of infill panel.

t thickness of infill panel and equivalent strut.
θ diagonal angle = tan−1 H

L

Unit weight of Masonry = 19 kN/m3.
Unit weight of Concrete = 25 kN/m3.
L = bay length of the frame.
External wall thickness = 230 mm.
Internal wall thickness = 230 mm.
Calculations
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Infill Wall 1 (without openings)
w

′ = 5.74 m.
h = 4.48 m.
tw = 0.230 m.
θ = tan−1 4.48

3.59= 51.29°
λh = [ 5500×230×sin(2×51.29)

4×22360.68×0.875×109×4.48×103 ]
1/4.

= 1.369 × 10–3/mm.
Weff = 0.175(λh × H)−0.4 × w

′

= 0.175(1.369 × 10–3 × 4.48 × 103)−0.4 × 5.74 × 103.
= 486.27 mm.
= 0.48627 m.
Infill Wall 3 (with openings).
w/ = 5.74 m.
h = 4.48 m.
tw = 0.230 m.
opening % = 4.32/16.083 = 0.268.
λ = 1–2 × (0.268)0.54 + (0.268)1.14.
= 0.241/mm.
Weff = 0.175(0.241 × 4.48 × 103)−0.4 × 5.74 × 103.
= 61.465 mm.
The above procedure is repeated for 20 other infill walls.
As per Clause 7.9.9.2(b) [4], the relation to calculate the width of equivalent

strut without openings is same as FEMA-273, where ends of diagonal struts shall be
considered to be pin-jointed to RC frame.

But if there is a presence of openings in the infill wall, no reduction of strut width
is required as per Clause 7.9.2.2(c) [4].

The calculated width of strut as per Indian Seismic Code [4] code is given in
Table 2.

Table 2 Width of strut as per Indian code

Infill wall no
(without
openings)

Width (mm) Infill wall no
(with openings)

Width (mm) Infill wall no
(with openings)

Width (mm)

2 473.72 4 473.72 15 110.52

7 487.17 5 473.72 16 72.86

8 468.77 6 486.27 17 110.52

9 487.17 11 486.27 18 110.52

10 468.77 12 486.27 21 144.17

19 622.60 13 473.27 22 144.78

20 638.88 14 110.52
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3.2 Comparative Pushover Analysis

Analysis result as per as per SAP2000® is presented in this section.
From the above curve, it has been observed that the displacement is more along

X and Y direction in the model as per IS code [4] in comparison to that as per
FEMA-273 [1].

3.3 Types of Models Based on Foundation Modelling

Two types of models are considered for the study considering the bases as Fixed base
and bases with soil springs, considering soil flexibility.

Fixed basemodel: The columns are assumed to be fixed at footing level. For want
of exact depth of foundation, the embedment depth is assumed to be 3.0 mts. The
variation of embedment depth will however, affect the modal properties and thereby,
response of the structure against seismic load. Widths of strut are assumed as per
Table 2. The 3-D model is presented in Fig. 9.

Spring base model: Springs are provided at the base of the structure with calcu-
lated stiffness in order to accommodate mechanisms related to soil failure. The stiff-
nesses of the spring along three directions, i.e. vertical, horizontal and rotation are
calculated as per ATC-40 [9] guidelines, as shown in Table 3.

The basic steps followed for determining the stiffness properties of shallow
bearing geotechnical components are as follows [9].

Fig. 9 3D view of
fixed-base model with infill
wall modelled as strut
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Table 3 Surface stiffnesses for a rigid plate on a semi-infinite homogenous elastic half-space,
adapted from Gazetas 1991 (ATC-40, Table: 10-2) [9]

Stiffness parameters Rigid plate stiffness at surface, Ki

Horizontal translation along X-axis, kx kx = GL
2−ν

[
2 + 2.5

( B
L

)0.85] − GL
0.75−υ

[
0.1

(
1 − B

L

)]

Horizontal translation along Y-axis, ky ky = GL
2−νυ

[
2 + 2.5

( B
L

)0.85]

ky = GL
2−ν

[
2 + 2.5

( B
L

)0.85]
ky = GL

2−ν

[
2 + 2.5

( B
L

)0.85]

Vertical translation along Z-axis, kz kz = GL
1−ν

[
0.73 + 1.54

( B
L

)0.75]

Rotation about X-axis kθx kθx =
(

G
1−ν

)
(Ixx )0.75

( L
B

)0.25(
2.4 + 0.5

( B
L

))

Rotation about Y-axis kθy kθy =
(

G
1−ν

)(
Iyy

)0.75[3
( L
B

)0.15]

(1) Determine the uncoupled total surface stiffness Ki, of the foundation element
by assuming it to be a rigid plate bearing at the surface of semi-infinite elastic
half-space.

(2) Adjust the uncoupled total surface stiffness Ki for the effects of the depth of
bearing by multiplying by the embedment factors, i.e., to generate uncoupled
total stiffness.

The embedment factors are calculated as in Table 4.

Table 4 Stiffness embedment factors for a rigid plate on a semi-infinite homogenous elastic half-
space [9]

Stiffness parameters Embedment factors, ei

Horizontal translation along
X-axis, ex

ex =
[
1 + 0.15

( 2D
L

)0.5]
⎧
⎨

⎩
1 + 0.52

[(
D− d

2

)
16(L+B)d

LB2

]0.4
⎫
⎬

⎭

Horizontal translation along
Y-axis, ey

ey =

[
1 + 0.15

( 2D
B

)0.5]
⎧
⎨

⎩
1 + 0.52

[(
D− d

2

)
16(L+B)d

BL2

]0.4
⎫
⎬

⎭
ky =

GL
2−ν

[
2 + 2.5

( B
L

)0.85]
ky = GL

2−ν

[
2 + 2.5

( B
L

)0.85]

Vertical translation along
Z-axis, ez

exz = [
1 + 0.095 D

B

(
1 + 1.3

( B
L

))]
[
1 + 0.2

(
(2L+2B)d

LB

)0.67]

Rotation about X-axis,eθx eθx = 1 + 2.52 d
B

(
1 + 2d

B

( d
D

)−0.20( B
L

)0.50)

Rotation about Y-axis,eθx eθy = 1 + 0.92
( 2d
L

)0.60(
1.5 + ( 2d

L

)1.9( d
D

)−0.60
)
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In absence of exact design data the bearing stiffnesses are calculated assuming
the footing details as follows:

Thickness of the foundation (d) = 0.2 m.
Total depth of foundation (embedment depth) from ground level(D) = 3 m.
Width of footing (B) = 3 m.
Length of footing (L) = 3 m · E

2(1+ϑ)
E

2(1+ϑ)

Geotechnical site investigation is carried out for this study, by conducting the
Standard Penetration Test (SPT) in a borehole to determine the SPT N values. Since
the corrected N value is less than 10 so the soil is considered as soft soil (N < 10).

Based on the classification of foundation soil as soft soil, other required values
for calculation of Ki values are taken from standard literature [10] as follows:

Poisson’s ratio = 0.33.
Modulus of Elasticity, E = 61,200 kN/m2.
Bulk unit weight of soil = 17 kN/m3[as per field test].
It must be mentioned here that in absence of exact geometrical data of the foun-

dation and material properties of the foundation soil, values are assumed close to the
soil type of the site. As much variation of these data is not anticipated, the results
should not vary much from the field reality.

Calculated Shear modulus,

G = E/2(1 + υ)

= 6120/2(1 + 0.33)

= 23007.51 kN/m2

Calculated values of Rigid Plate Stiffness at Surface, Ki.
Horizontal Translation along X-axis, kx = 185,454.57 kN/m.
Horizontal Translation along Y-axis, ky = 185,454.57 kN/m.
Vertical Translation along Z-axis, kz = 237,476.95 kN/m.
Rotation about X-axis, kθx = 310.604 × 106 kNm/rad.
Rotation about Y-axis, kθy = 183.58 × 106 kNm/rad.

Calculated values of embedment factors, ei.
Horizontal Translation along X-axis, ex = 2.902 kN/m.
Horizontal Translation along Y-axis, ey = 2.902 kN/m.
Vertical Translation along Z-axis, ez = 2.726 kN/m.
Rotation about X-axis, eθx = 1.435 kNm/rad.
Rotation about Y-axis, eθy = 2.052 kNm/rad.

Calculation of total Embedded stiffness, Kemb.
Translation along X-axis, Kemb(x) = 185,454.57 × 2.902 = 538,189.16 kN/m.
Translation along Y-axis, Kemb(y) = 185,454.57 × 2.902 = 538,189.16 kN/m.
Translation along Z-axis, Kemb(z) = 237,476.95 × 2.726 = 647,362.16 kN/m.
Rotation along X-axis, Kemb(θx) = 310.604 × 106 × 1.435 = 445,716,740

kNm/rad.
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Fig. 10 3D view of spring
base model

Rotation along Y-axis, Kemb(θy) = 183.58× 106 × 2.052= 376,706,160 kNm/rad.
The springs of above-calculated stiffnesses are inserted into the model at founda-

tion level to represent soil flexibility. The strut properties are given as per Table 2.
The 3-D model is shown in Fig. 10.

4 Modal Pushover Analysis

4.1 Pushover Analysis (PA)

Pushover analysis is a term used for the non-linear static analysis of a structure
wherein the structure is subjected tomonotonically increasing predefined lateral load
pattern distributed along with the building height until some target displacement is
reached. Using Pushover Analysis, a characteristic non-linear force-displacement
relationship can be determined. The target displacement can be found out by various
methods like Capacity spectrum method of ATC 40 [9] or the Displacement Coef-
ficient method of ASCE 41-13 [10] and FEMA-356 [2]. The target displacement is
intended to represent the maximum displacement the structure is likely to undergo
under the design earthquake. Target displacements are found out for units with fixed
and flexible base foundations for both X-axis and Y-axis loadings.
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4.2 The Modal Pushover Analysis (MPA)

It has been developed to include the contributions of all modes of vibration that
contribute significantly to seismic demands. This procedure fits well to the structure
under the present study as seismic response of this plan-asymmetric structure will
have significant contribution from higher modes. This procedure has been improved
upon the common Pushover analysis procedure, especially in its treatment of P −
� effects due to gravity loads and calculation of plastic hinge rotations. The P − �

effect can be best summarized by the Fig. 11. Additional moment is inflicted upon
the structure by gravity load P and change in geometry � due to lateral load F.

In MPA, the seismic demand due to individual terms in the modal expansion of
the effective earthquake forces is determined by a pushover analysis using the inertia
force distribution for each mode. Combining these ‘modal’ demands due to the first
two or three terms of the expansion provides an estimate of the total seismic demand
on inelastic systems.

A step-by-step summary of the MPA procedure to estimate the seismic demands
is presented as a sequence of steps:

1. Compute the natural frequencies ω and modes ∅n for linearly elastic vibration
of the building.

2. Run pushover analyses with the loading patterns (Sn = m × ∅n) based on each
mode independently.

3. Idealize each pushover curve as bilinear curves considering negative post-yield
stiffness if necessary.

4. Convert the idealized pushover curves into a set of capacity spectrum curves
of the corresponding SDOF system using the ADRS (acceleration deformation
response spectrum) conversion from MDOF to SDOF (guidelines are provided
in ATC-40, capacity spectrum procedure can be used for this purpose).

5. Compute the peak response corresponding to each SDOF system via a non-
linear response history analysis (NRHA) based on an input ground motion for
each SDOF system or via inelastic design spectrum.

6. Convert the peak response of SDOF system to the target displacement ofMDOF
system for each mode separately.

Fig. 11 Explanation of P −
� effect on shear building

P P
Δ Δ

F
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7. From the pushover database (Step 2), extract the peak inelastic response quanti-
ties of interest, such as interstory drift and plastic hinge rotations independently
for each mode.

8. By using SRSS, determine the combined peak response.

5 Detailed Calculation for Model Input in SAP 2000®

This is shown in Appendix 1.

6 Results and Discussion

6.1 Pushover Curves

The target displacements are calculated as per Displacement Coefficient Method
[2, 10] and it is found to be 72.16 mm for X-axis loading and 28.89 mm for Y-axis
loading. The structure analysed to the target displacement limit has shown no failure.
The pushover curves (Figs. 1, 2, 3, 4, 5, 6, 7, 8, 9, 10, 11, 12, 13, 14 and 15) at the
target displacement 72.16 mm are linear which indicate that the deformation of the
building is in the elastic range. Non-linearity in the building response can be observed
clearly for roof displacement 100 mm. The results are, nevertheless, affected by the
assumption of foundation data, soil parameters and reinforcement in RCC.

The capacity curves for the fixed base and flexible base foundations show that
in case of flexible bases, the structure can undergo greater displacements for the
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Fig. 12 Pushover curve for target displacement 72.16 mm along X-axis



184 K. Pathak and A. K. Dutta

0

2000

4000

6000

8000

10000

12000

14000

0 0.02 0.04 0.06 0.08 0.1 0.12 0.14

Ba
se

 S
he

ar
 (k

N
)

Roof Displacement (m)

Fixed base

Flexible base

Fig. 13 Pushover curve for target displacement 28.89 mm along Y-axis
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Fig. 14 Pushover curve for monitored displacement 100 mm along X-axis

same yielding point. The ultimate collapse point for structures with flexible bases is
more than that of the structures with fixed base foundations. This clearly shows that
serviceability aspect of the structure is underestimated in terms of deflection while
taking the models as fixed base.

6.2 Inter-Storey Drift Ratios

The accurate estimate of inter-storey drift ratio and its distribution along the height
of the structure is very critical for seismic performance evaluation purposes since the
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Fig. 15 Pushover curve for monitored displacement 150 mm along Y-axis

Fig. 16 Storey number
versus storey drift curve
along X-direction
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structural damage is directly related to the inter-storey drift ratio. Interstory drifts
have been shown in Figs. 16 and 17. It has been observed as inter-storey drift is
much more pronounced in the case of flexible base which again reinforces that the
neglecting soil flexibility results in stiffer structure.

6.3 Plastic Hinge Location

Plastic hinge locations give us some idea of the locations where inelastic behaviour
is expected. As the structure moves from elastic range to the inelastic range under
the applied earthquake, these plastic hinges make it possible to trace the yielding and
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Fig. 17 Storey number
versus storey drift curve
along Y-direction
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Fig. 18 Formation of plastic
hinges in X-direction for
fixed base condition for
target displacement
72.16 mm

failure on a member and structural level. Plastic hinge locations for various cases of
loadings are shown in Figs. 18, 19, 20 and 21.

The plastic hinge formation starts with beam ends and base of the columns of
lower stories, then propagates to upper stories and continues with the yielding of
interior intermediate columns in the upper stories. It is observed that fixed base
model overestimates the occurrence of plastic hinges.

7 Conclusion

The Non-linear Static Pushover Analysis is carried out using Modal load Pattern in
SAP2000® on structural models of old plan-irregular college building utilizing the
effect of infill walls as per recent Indian Code. Comparison inmadewithmodels with
Fixed base and Flexible base condition representing soil with springs. Comparison
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Fig. 19 Formation of plastic
hinges in Y-direction for
fixed base condition for
target displacement
28.89 mm

Fig. 20 Formation of plastic
hinges in X-direction for
flexible base condition for
target displacement
97.83 mm

is also made between models of infills as strut with and without voids. The present
study emphasizes the necessity of accurate representation of the support condition for
evaluation of seismic vulnerability of a structure. It is realized that the serviceability
aspects of the structure are underestimated in terms of deflection while taking the
models as fixed base. The analysis concludes that building, though constructed in
1960, has adequate capacity to resist the seismic demands imposed on it as per the
earthquake excitation applied in the analysis. The pushover curves at the calculated
target displacements are linear which indicate that the deformation of the building is
in the elastic range. The building analysed to the target displacement limit has shown
no failure.
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Fig. 21 Formation of plastic
hinges in Y-direction for
flexible base condition for
target displacement
131.53 mm

Appendix 1

Calculations for Modal Pushover Analysis

Computation of Seismic Weights

Dead loads are calculated considering the unit weight of concrete as 25 kN/m3 and
Unit weight of masonry as 22.5 kN/m3[5]
Imposed load = 1.5 kN/m2 (for roof) and 3 kN/m2 (for floors) [6].
Seismic Weights for each floor of the buildings are calculated using procedure

enumerated in IS 1893: 2016 [4]
W1 = W2 = 6787.22kN
W3 = 5222.31kN (Roof)
Corresponding seismic masses-
M1 = M2 = 691.86 × 103 kg
M3 = 532.34 × 103 kg

Floor stiffness

Storey stiffness of a particular storey is calculated in the weaker direction based on
shear building concept. Lateral stiffness of each column is calculated on the gross
cross-section of the column of M20 grade concrete.

MI of different column nomenclature as per Fig. 1:

IC1 = 1.344 × 1010mm4

IC2 = 0.973 × 1010mm4

IC3 = 2.394 × 109mm4

IC4 = 0.875 × 1019mm4

Young’s modulus of M20 grade concrete as per IS 456 2000:
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EC = 5000(fCK)0.5 = 5000(20)0.5 = 22,360.68 MPa = 22.36 × 109 N/m2.
As all the columns are of equal cross-section throughout the height of the building,

storey stiffnesses are equal. K1 = K2 = K3 = 0.6965 × 109 N/m.

Natural frequencies and mode shape

Mass matrix,M =
⎡

⎣
M1 0 0
0 M2 0
0 0 M3

⎤

⎦ =
⎡

⎣
691.68 0 0

0 691.86 0
0 0 532.34

⎤

⎦ × 103kg

Stiffness matrix, K =
⎡

⎣
K1 + K2 −K2 0

−K2 K2 + K3 K3
0 −K3 K3

⎤

⎦

=
⎡

⎣
1.393 −0.6965 0

−0.6965 1.393 −0.6965
0 −0.6965 0.6965

⎤

⎦ × 109N/m

Solving theEigen equation, [K−Mω2]=0,wegetEigenvalue and corresponding
Eigen vectors as,

Natural frequencies, ω =
⎧
⎨

⎩

14.96
41.93
57.73

⎫
⎬

⎭
rad/sec.

Mode shapes are {[k] − ω2 [M]}ϕn = 0.
For ω2 = 223.67.
∅11 = 1, ∅21 = 1.76, ∅31 = 2.15.
For ω2 = 1758.81.
∅12 = 1, ∅22 = 0.24, ∅32 = −0.726.
For ω2 = 3332.47.
∅13 = 1, ∅23 = −1.30, ∅33 = 0.846.
Sn* = ∅n × M.
where = ∅n is a shape factor and M is the mass.
MODE-1

⇒
⎡

⎣
691.86 0 0

0 691.86 0
0 0 532.34

⎤

⎦ × 103 ×
⎧
⎨

⎩

1
1.76
2.15

⎫
⎬

⎭
=

⎧
⎨

⎩

691.86 × 103

1217.67 × 103

1144.53 × 103

⎫
⎬

⎭

MODE-2

⇒
⎡

⎣
691.86 0 0

0 691.86 0
0 0 532.34

⎤

⎦ × 103 ×
⎧
⎨

⎩

1
0.24

−0.726

⎫
⎬

⎭
=

⎧
⎨

⎩

691.86 × 103

166.04 × 103

−386.47 × 103

⎫
⎬

⎭

MODE-3
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⇒
⎡

⎣
691.86 0 0

0 691.86 0
0 0 532.34

⎤

⎦ × 103 ×
⎧
⎨

⎩

1
−1.3
0.846

⎫
⎬

⎭
=

⎧
⎨

⎩

691.86 × 103

−899.42 × 103

450.36 × 103

⎫
⎬

⎭

Combined lateral forces.
Storey 1 = 780.51 kN.
Storey 2 = 1304.03 kN.
Storey 3 = 1312.02 kN.
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Non-linear Analysis of Base-Isolated
Building Having Optimized Number
of Base Isolators

Ahmed Bilal and Zaid Mohammad

Abstract In the present study, a base isolation system has been designed for an
eight-story framed building. Non-linear time history analysis has been performed
to compare the non-linear response of the base-isolated building and conventionally
designed building. The computer program SAP 2000 has been used for modelling
and analysis. The comparative response of the fixed base building and the base-
isolated building has been studied in terms of base shear, roof displacement, and
roof acceleration. In addition to this, a cost-effective approach for designing a base-
isolated building has been proposed. In this approach, the total number of base
isolators to be used in the building have been gradually decreased to optimize the
cost. The base isolators have been redesigned for each case, and linear and non-linear
performances have been checked to ensure that the performance of the building has
not been compromised.

Keywords Base isolation · Seismic performance evaluation · Pushover analysis ·
Non-linear time history analysis · Laminated lead rubber bearing

1 Introduction

Base isolation is one of themost efficient and economical structural control measures
and can dissipatemost of the seismic energywithout damage to the superstructure [1–
4].Most of the practical aspects regarding the concepts and design procedures of base
isolation have been addressed by International Building Code 2000 [5] and Eurocode
8 [6]. Although the behavior of the isolation devices is non-linear, linear analysis is
commonly used to design most base-isolated structures [7, 8]. Krawinkler [9] states
that non-linear analysis is increasingly used as a tool for evaluating the performance
of structures under seismic loads. Inelastic time history analysis is a well-known
method for performance evaluation of structures as the forces and deformation in
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every element of the structural system can be defined with sufficient reliability using
time history analysis [10, 11]. However, the computational time required for inelastic
time history is much more as compared to pushover analysis.

If a building would be designed for the equivalent level of seismic performance,
then a base-isolated structure would always be more cost-efficient as compared to
a conventionally designed building. However, since the base-isolated structures are
designed for higher performance levels, the cost of a base-isolated building comes
out to be around 5% more than its counterpart [12]. The cost of a Laminated Lead
Rubber Bearing (LLRB) isolator may range from | 1.5 lacs to 4 lacs based on their
capacities. In addition to this, there is a die cost, which may range from | five
lacs to ten lacs. There are various other charges as well. Therefore, if the number
of isolators to be used in a structure is reduced without compromising with the
performance of the structure, then this alternative can be very promising from the
economic considerations of the project.

In the present study, lead laminated rubber bearings (LLRB) have been designed
according to the procedure given by Datta [1] for a multi-storey building, and the
response has been studied using non-linear time history analysis. The performance of
the structure has been checked for different number of isolators using linear analysis
and non-linear pushover analysis. The optimum number of base isolators to be used
for the building was found based on the least cost of base isolators.

2 Numerical Modelling and Analysis

The dimensions of the considered building have been shown in Fig. 1. M25 grade
concrete and Fe415 grade steel were used, and the building was assumed to lie
in seismic zone IV. Computer Program SAP 2000 [13] was used for modelling
and analysis. Beams and columns were modelled using frame elements, while the
base isolators were modelled using non-linear link elements. Non-linear time history
analysis was performed to compare the response of the fixed base and base-isolated
building. Elcentro time history was considered, and linear scaling was done for PGA
= 0.24 g.

The building under consideration has 20 columns. Each column was resting on
an isolator. In this approach, isolators have been gradually removed (2 at a time)
from below the columns and the load transferred to the remaining supports through
rigid beams. This process was continued until any further decrease in the number
of isolators made the structure unstable, and the beams above started to fail under
gravity or earthquake loads. The isolators have been redesigned for the new loads
coming on them, such that the total effective stiffness at the isolation level remains
nearly the same. A base slab 200mm thick has also been provided above the isolation
level. The base slab has been modelled as a thick shell.

The linear as well as non-linear analysis, has been performed for each case to
ensure that the performance of the structure has not been compromised by reducing
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Fig. 1 Dimensions of the
building
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the number of isolators. A comparison of the total cost of isolators used in each case
has been made based on the costs obtained from a registered merchant.

3 Results and Discussion

Elcentro ground motion time history, which was considered for Non-Linear Time
History Analysis, has been shown in Fig. 2. The results of the time history analysis
have been shown in Figs. 3, 4, 5, 6, 7 and 8. From the time history analysis, it can
be seen that there is a 54.4% reduction in base shear, 60.8% reduction in top storey
acceleration, and 40.4% reduction in plinth level acceleration when the base isolators
have been used in the building.

When the isolators were removed from the two locations shown in Fig. 9, only
two sizes of isolators were found to be sufficient for the combination. The details of
the cost are given in Tables 1 and 2. The total approximate cost of the isolators came
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Fig. 2 Elcentro ground motion time history

Fig. 3 Comparison of base shear in base building and base-isolated building

Fig. 4 Comparison of plinth level acceleration for the fixed base and base-isolated building

out to be 4,520,000 Indian Rupees (71,000 USD), which is about 21% less than the
previous casewhere 20 isolatorswere used. This differencemay vary depending upon
the variation in the market rates of the base isolators. The cost has been calculated for
other positions also, but the given position has been found out to bemost economical.

From Figs. 10, 11 and 12, it has been seen that if the number of isolators is reduced
and the remaining isolator are appropriately designed for the new loads, then there
is no significant change in the linear and non-linear response of the structure. It has
been shown that, for the given structure, the optimumnumber of isolators considering
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Fig. 5 Comparison of plinth level displacement for the fixed base and base-isolated building

Fig. 6 Comparison of top storey acceleration for the fixed base and base-isolated building

Fig. 7 Comparison of top storey displacement for the fixed base and base-isolated building

the isolator cost is 18. There is a saving of nearly 21% on the isolator cost. A much
more rigorous cost analysis, including the reinforcement cost, installation cost, and
other service charges, may be required to have the exact estimate of saving.
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Fig. 8 Hysteresis curve for base isolator

Fig. 9 Base reactions after removing 2 isolators from beneath the central columns

Table 1 Total cost of 18 base isolators

Reaction (kN) Size (mm) Quantity Approximate cost

Isolator cost Die cost Total (in Indian Rupees)

4068 900 6 200,000 800,000 2,000,000

2000 600 12 165,000 540,000 2,520,000

Total 18 Total 4,520,000
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Table 2 Summary of the cost
of base isolators

S. No No. of isolators
used

Sizes of isolators
(mm)

Cost (in Indian
Rupees)

1 20 800, 650, 500 5,740,000

2 18 900, 600 4,520,000

3 16 1000, 750, 600 5,530,000

4 14 1000, 800, 450 5,250,000

5 12 1000, 900, 750 5,400,000

Fig. 10 Displacement in longitudinal direction when different number of isolators are used

4 Conclusion

The results of non-linear time history analysis show that the base shear of the building
has reduced by 54.4% on using base isolators, and consequently, the forces in the
members of the building also reduced. Thus, it can be said that base isolation should
be used in the buildings instead of the conventional earthquake-resistant design for
higher performance levels like life safety and immediate occupancy and to reduce
damage during earthquakes.

A cost-effective approach of designing the base isolation system has been
presented here in which the number of base isolators has been optimized to get the
most economical combination of base isolators. It is a general practice to use base
isolators beneath every column of a building, but it has been shown in the present
paper that the same level of performance can be achieved using lesser number of
base isolators if they are appropriately designed. The results of linear and non-linear
analyses presented in the paper support this inference. Thus, it can be concluded that
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Fig. 11 Storey drift in longitudinal direction when different number of isolators are used

Fig. 12 Pushover curves in the longitudinal direction when different numbers of isolators are used
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for designing a base isolation system for any building, an optimization study should
be conducted to know the combination which gives the least cost.
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Metro Train-Induced Vibration
Measurement on Buildings

M. Bharathi, Dhiraj Raj, and Yogendra Singh

Abstract Vibrations in four buildings located at different positions along the Delhi
Metro Rail Corporation (DMRC) network have been measured and reported. Vibra-
tions developed due to the passage of metro trains through tunnels located at a depth
up to 30 m from the ground level were measured on the considered buildings at
different floor levels. To interpret the effect of vibrations on buildings, different vibra-
tion parameters, viz. PeakGroundAcceleration (PGA), PeakGroundVelocity (PGV)
and frequency content are obtained from the recorded vibrations. These parameters
change with the location, depending on the dynamic characteristics of the soil profile
at the site of measurement and the building. It is observed that the maximum ampli-
tude of vibrations measured during this study is more than the threshold provided
by standards of different countries and can cause vibration of rigid building compo-
nents, annoying physical sensations in the human body, interference with activities
such as sleep and conversation, rattling of window panes and loose objects and fear
of damage to the building and its contents.

Keywords Vibrations · Buildings · Field measurements

1 Introduction

In modern cities, transportation systems are coming closer and being integrated like
never before, with the residential, commercial and office buildings. As a result, the
buildings and their occupants are subjected to awide spectrumof vibrations produced
from various sources including industrial, construction and transportation activities.
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Among the various sources, the traffic-induced vibrations are mostly complained
about, by the common public. These vibrations may be attributed to the variety
of traffic lines, underground, on the ground and overhead, extending and intruding
into crowded residential areas, commercial centers and even cultural and high-tech
research zones. The vibrations thus generated propagate through the soil medium and
excite the supporting structures. These vibrations need to be quantified and checked
with the permissible limits. On the other hand, traffic flows are increasing, traffic
loads are becoming heavier and vehicles are moving at much faster speeds. All these
factors contribute to the seriousness of traffic-induced vibrations on the surrounding
environment. Especially in urban areas, a rail transit system is of necessity and it is
placed near population centers and often causes significant noise and vibration.

When these vibrations propagate through the structures, the parameters, including
structural material, building configuration, potential degradation due to structural
age, soil supporting the structure, soil–structure interaction, etc., influence the vibra-
tion response. According to Zou et al. [1] the vibration energy directly gets trans-
mitted through vertical support structures on both sides of tracks, such as columns and
walls, to the platform and then to the upper floors. In addition, excessive vibrations
transmitted into the buildings, hinder the performance of vibration-sensitive equip-
ment, causing adverse effects on the living quality of the occupants and lead tomicro-
cracks, minor/architectural damage or major/ structural damage to the structures Xia
et al. [2]. In the past, several researchers have reported the vibration measurements
in the buildings, imparted from the underground/ overhead railway tracks [1, 3–
6]. For greater insights, numerical models were developed by various researchers to
understand the train-induced ground vibrations dealingwith different aspects [7–19].

This paper presents the field measurements of the vibrations in four buildings
located at different positions along the Delhi Metro Rail Corporation (DMRC)
network. Vibrations were measured at the basement, ground level and at the top (at
an intermediate floor level also in case of some multi-storey buildings). The vibra-
tion parameters viz. Peak Ground Acceleration (PGA), Pseudospectral acceleration
(PSA), Peak Ground Velocity (PGV) and predominant frequency (f ) are obtained
from the recorded vibrations and checked with the threshold values provided in
different codes and standards.

2 Effects of Vibration

BIS [20] and ISO [21] classifies the source of vibration broadly as continuous or
semi-continuous, e.g. industry, permanent intermittent, e.g. traffic and limited (or
non-permanent) duration activities, e.g. construction. NSW [22] developed on the
basis of [23] classifies vibrations as continuous (vibrations that continue uninter-
rupted for a defined period with magnitudes varying or remaining constant with
time), impulsive (a rapid build up to a peak followed by a damped decay that may or
may not involve several cycles of vibration such as in shocks) and intermittent (inter-
rupted periods of continuous or repeated periods of impulsive vibration or continuous
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vibration that varies significantly in magnitude). Most of the available guidelines in
design codes and standards deal either with the vibration caused due to traffic, trans-
portation and construction activities. Based on the available guidelines the effects of
these vibrations on buildings and on human beings are summarized in the following
sections.

2.1 On Buildings

Occupants of buildings subjected to vibration complain about cracks in walls and
ceilings, separation of masonry blocks and cracks in the foundation. However, vibra-
tion levels are rarely high enough to be the direct cause of this damage, though they
could contribute to the process of deterioration from other causes. Building compo-
nents usually have residual strains as a result of uneven soil movement, moisture and
temperature cycles, corrosion, poor maintenance or past renovations and repairs.
Therefore, small vibration levels induced by road/rail traffic could trigger damage
by “topping up” residual strains. Consequently, it is difficult to establish a vibration
level that may cause building damage and, therefore, controversy continues.

The response of structures subjected to road, rail and ground-borne traffic vibra-
tion is in the frequency range of 1–100 Hz with a particle velocity range of 0.2–
50 mm/s and particle acceleration range of 0.02–1 m/s2 [24, 25]. In addition, the
frequency and amplitude of vibrations measured at different locations for various
sources of vibration have also been summarized based on French experiences [24,
25]. When the buildings are exposed to continuous vibrations, dynamic magnifica-
tion occurs due to resonance especially at lower frequencies. In addition, vibration
levels measured during impact pile driving, driven cast-in place piling, dynamic
consolidation, vibro-flotation or vibro-replacement, use of casing vibrators, rotary
bored piling, tripod bored piling, driven sheet steel piling, driving of bearing piles
and vibratory pile drivers are also summarized in detail in BSI [26] based on historic
case history data. Base curves and multiplying factors for satisfactory magnitudes of
building vibration with respect to human response are also proposed in [23].

Swedish standard [27] sets the maximum allowable PPV value for transient vibra-
tion,V as a product of vertical component of uncorrected vibration velocity at the base
of the building, V0; building factor, Fb; material factor, Fm and foundation factor,
Fg. German standard [28] provides guidelines to evaluate the effect on short and
long term vibrations on structures. The vibration limits exceeding these values does
not necessarily lead to damage, but when they are exceeded by significant amount
further investigations are necessary. However, the maximum velocity at the centre
of floor should not be greater than 20 mm/s for short-term vibrations. The guid-
ance manual by U.S. Department of Transportation, Federal Railroad Administra-
tion [29] sets guidelines for noise and vibration assessment due to high-speed ground
transportation. The details regarding the screening distance for vibration assessment
applicable to steel-wheel/steel-rail high-speed rail systems are summarized for three-
speed ranges and two different land use purpose. In addition, threshold of PPV at a
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distance of 25 ft for some commonly used construction equipments are also provided
in FRA [29]. Vibration assessment guideline [22] byDepartment of Environment and
Conservation (NSW), Australia provides both preferred and maximum of root mean
square (rms) acceleration and peak velocity values for continuous, impulsive and
intermittent vibrations. To evaluate the architectural damage, PPV in the range of
0.10–0.75 mm/s is recommended by Chinese Standard, GB/T [30]. Italian Standard,
UNI [31] also follows the same limit as BSI [32] and German standard [28].

2.2 On Human Beings

Building vibrations caused by road traffic are not a health and safety concern; they
are more a problem of annoyance. The vibration impact on humans is within the
frequency range 1–80 Hz when the posture of the occupant need not be defined (BIS
[20] and ISO [21]). ISO [33] and BIS [34] states “Experience in many countries has
shown that occupants of residential buildings are likely to complain if the vibration
magnitudes are only slightly above the perception threshold”. BIS [20] and ISO [21]
also mentions “In some cases complaints arise due to secondary effects associated
with vibration, e.g. reradiated noise”. Approximate indications on likely reaction of
passengers experiencing overall vibration in public transport are summarized in [33]
and [34]. However, these reactions also depend on the expectation of the passenger
regarding the duration of the trip and the type of activity (e.g. reading, writing, eating,
etc.) they wish to accomplish during the travel. BSI [26] presents the guidelines on
the effect of vibration levels on human response.

3 Field Mesurements

Vibrations developed due to the passage of metro trains through tunnels located at
a depth up to 30 m from the ground level (Fig. 1) were measured on four build-
ings located at different positions along the Delhi Metro Rail Corporation (DMRC)
network. Four buildings namely A, B, C and Dwhich belong to multi-storey residen-
tial apartment, official building, residential bunglow and residential building type,
respectively, has been considered in this field study. For measurement of vibrations
at ground level and roof level of the buildings, triaxial accelerometers (Kinemet-
rics EpiSensor FBA ES-T with sensitivity of 10 v/g) and uniaxial seismometers
(Kinemetrics SS-1 Ranger Seismometer with sensitivity of 337.08 v/m/s) were used
(Fig. 2a, b). These sensors were connected to a multichannel data acquisition system
(Kinemetrics Granite 12) shown in Fig. 2c. In case of multi-storey buildings, vibra-
tions were also measured at some intermediate levels. The recording location in each
building is depicted in Fig. 3.
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Fig. 1 Schematic representation of field vibration measurements

4 Processing of the Acquired Data

For each vibration record, both acceleration (using accelerometers) and velocity
(using seismometers) were recorded in terms of voltage for five-minute duration
at a sampling rate of 200 samples per second. Then the acceleration and velocity
were converted into ‘g’ and ‘m/s’ units, respectively, using the sensitivity of the
corresponding sensors. The 5min recording duration usually containedmore thanone
event (passage of one train). From the recordeddata, the relevant signal corresponding
to passage of each event (train) wasmanually extracted for further processing. Linear
baseline correction was applied to the extracted signal and then Butterworth band-
passfilter of fourth orderwas applied for frequency range0.07–80Hz. Fourier Spectra
of each eventwas obtained. Fourier spectrumof amotion shows its frequency content,
in different frequency ranges. In the present case, the Fourier spectrum indicates that
most of the energy of vibration is in the high frequency range (60–80 Hz) and the
energy content in the frequency range of 0–10 Hz is very small. Elastic response
spectrum of each event was obtained for a damping value of 5%. The response
spectrum shows the effect of the recorded motions on the building structure and
content. All the stages indicating the processing of recorded vibrations is presented
in Fig. 4a–f.
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(a) (b)

(c)

Fig. 2 Instruments used for vibrationmeasurement. aUniaxial seismometers, b triaxial accelerom-
eter and c data acquisition system
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Fig. 3 Recording locations at buildings. a A, b B, c C and d D

5 Results and Discussion

While interpreting the effect of vibrations on buildings and occupants, two parame-
ters, namely amplitude (PGA, PSA and PGV) and frequency content (represented by
the range of predominant frequency) are important. As expected, both amplitude and
frequency content change with location, depending on the dynamic characteristics
of the soil column at the site of measurement and the building. X and Y direction
represents the vibration component along the longest and shortest dimension of the
building in plan whereas Z direction represents vertical component. Tables 1 and 2
summarize the amplitude and frequency content of the measured vibrations in terms
of acceleration and velocity, respectively.
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Fig. 4 Processing of raw data: a typical acceleration record (in volts), b typical acceleration record
(in g), c extracted acceleration record for an event, d acceleration record for an event, after filtering
the noise, e typical Fourier Spectrum for an event and f typical 5%damped elastic response spectrum
for an event
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Table 1 Summary of acceleration measurements

Building Direction PGAmin (cm/s2) PGAmax (cm/s2) PGAavg (cm/s2) PGASD Predominant
frequency
(Hz)

Building
A (Top)

X 0.25 0.99 0.51 0.23 2–24

Y 0.21 0.72 0.48 0.16 2–48

Z 1.03 5.02 2.24 1.09 48–49

Building
A (9th
floor)

X 0.36 1.29 0.86 0.30 2–24

Y 0.11 0.40 0.28 0.09 2–24

Z 0.58 3.47 1.74 0.99 18–27

Building
B (Top)

X 0.69 1.54 1.18 0.34 25–80

Y 0.46 1.09 0.87 0.25 15–71

Z 1.37 4.17 3.03 1.13 25–77

Building
C (Roof)

X 0.89 3.49 2.04 0.80 42–56

Z 1.63 5.54 3.16 0.99 15–57

Building
D (Top)

X 0.61 2.24 1.19 0.38 34–46

Y 0.68 1.79 1.17 0.33 10–38

Z 1.78 7.46 4.65 1.56 28–42

Building
D
(Ground)

X 0.41 1.88 0.79 0.33 37–46

Z 0.99 4.45 1.95 1.01 35–70

Table 2 Summary of velocity measurements

Building Direction PGVmin (cm/s) PGVmax (cm/s) PGVavg (cm/s) PGVSD Predominant
frequency
(Hz)

Building A
(Top)

X 0.0061 0.0101 0.0078 0.0013 1.6–1.9

Y 0.0039 0.0057 0.0048 0.0006 1.6–1.7

Building A
(9th floor)

X 0.0057 0.0106 0.0080 0.0015 1.6–1.9

Building B
(Top)

X 0.0023 0.0074 0.0048 0.0020 5–81

Y 0.0026 0.0043 0.0034 0.0008 4.6–5.3

Building C
(Roof)

X 0.0019 0.0051 0.0032 0.0009 10–56

Y 0.0032 0.0082 0.0051 0.0017 10–67

Building D
(Basement)

X 0.0016 0.0061 0.0035 0.0013 36–50

Y 0.0014 0.0090 0.0041 0.0021 36–50

The maximum horizontal (X or Y) peak ground acceleration of 3.49 cm/s2

(0.003 g) has been recorded at the roof of Building C. This is much higher than
the limit (1.4 cm/s2) specified by NSW [22] for residences during day time. But it
is in frequency range of 42–57 Hz which is much beyond the frequency range of
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Fig. 5 Response spectrum corresponding to the maximum recorded horizontal peak ground accel-
eration, 3.49 cm/s2 (0.003 g) and maximum horizontal peak ground acceleration, compared with
the design response spectra for Zone IV (5% damping) as per BIS [35]

buildings (less than 10 Hz). Further, it is about 1/70 of the usual design acceleration
values (0.24 g) for buildings located in seismic Zone IV (0.24 g). The maximum
peak velocity at building roof has been observed to be 0.0106 cm/s which is well
within the limits specified by almost all the standards of the world. The maximum
horizontal peak ground acceleration of 3.49 cm/s2 (0.0349 m/s2) is much less than
the threshold of 0.315 m/s2 specified by ISO [33] and BIS [34] for not comfortable
effect of vibration on human beings. Still, the occupants of the buildingwere annoyed
by the vibration sensations developed due to the passage of trains in the metro tunnel
network.

Figure 5 compares the response spectrum of most severe record at Building C
(recorded data) with the design response spectrum of BIS [35] for hard, medium and
soft soil. It shows that the forces to be experienced by buildings of different heights
are insignificant to cause any structural effect.

6 Conclusions

Vibrations developed due to the passage of metro trains through tunnels located at a
depth up to 30 m from the ground level were measured on four buildings located at
different positions along theDelhiMetroRail Corporation network. The observations
indicate that the maximum amplitude of vibrations measured during this study is
more than the threshold provided by standards of some of the countries and can
cause vibration of rigid building components, annoying physical sensations in the
human body, interference with activities such as sleep and conversation, rattling of
window panes and loose objects and fear of damage to the building and its contents.
However, the amplitude and frequency range of these vibrations is not such that it
can cause damage to the building structures. In some cases, as observed in case of the
multi-storey apartment buildings, the pre-existing damage in the buildings, due to
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ageing ofmaterial, corrosion of steel and reinforced concrete, uneven soil movement,
moisture and temperature cycles, poor maintenance or past renovations and repairs,
can be exposed by these vibrations.
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Seismic Performance of the Amritesvara
Temple: Shake Table Test of a Dry Stone
Masonry Structure

Vasantha Lakshmi Gudasali, Vijayalakshmi Akella, and B. K. Raghuprasad

Abstract Ancient structures were constructed by considering only vertical static
loads. The seismic response of ancient masonry structures depends on their material
properties, the geometry of the structure, the types of connections between various
structural components, the stiffness of the floors and the strength of the non-structural
elements. The rich and diverse architectural traditions across India provide evidence
of the structural efficiency and technological skill of Indian craftsmen and builders.
Studying the structural behaviour of Indian heritage buildings has national impor-
tance. In this study, the seismic vulnerability of theAmritesvara templewas evaluated.
Built in 1196 and is located 260.8 km from Bengaluru, India. This study involved a
shake table test of the temple. Experiments were conducted at the Earthquake and
Vibration Research Centre, Bengaluru. According to the size and payload capacity
of the shaking table, a 1:3 scale model was adopted. The model was subjected to
various peak ground accelerations from 0.05 to 0.1 g. The dynamic properties of the
model were evaluated through the experiments. The experimental results were used
for validating the numerical model, which was used to conduct further investigations
on the prototype.
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Fig. 1 Map of the hoysala
empire

1 Introduction

1.1 Hoysala Architecture

The Hoysala Empire ruled southern India between 1026 and 1343 (Fig. 1) and
constructed many large and small temples, including the Chennakesava temple at
Belur (1117), the Hoysaleswara temple at Halebidu (1160) and the Kesava temple at
Somanathapura (1268). These temple complexes have been proposed to be listed as
UNESCO world heritage sites.

1.2 History of Earthquakes in Karnataka

In the present seismic zonation map of India (Fig. 2), Karnataka lies in zones 2 and
3 (i.e., seismically less active to moderately active). A literature survey indicates
that 33 earthquakes have occurred in Karnataka from 1828 to 2001 [1]. Karnataka
experienced high seismic activity during the 1970s, with five earthquakes occurring
in 1971, four earthquakes occurring in 1972 and three earthquakes each occurring in
1970 and 1974. The aforementioned earthquakes had a magnitude ranging from 3.8
to 5 on the Richter scale.
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Fig. 2 Seismic zonation map of India

1.3 Literature Review

Analysis of historic masonary monuments by numerical modeling has been carried
out by other investigators, few with dynamic characteristics analysis. Benjapon
Wethyavivon et al. [2] carried out analysis on Thai historic masonary monuments
at the Ayuthaya world heritage site to understand structural behaviour and provide
critical information for planning and prioritizing restoration as well as assess their
safety. Measured in-situ frequency was found to be 3.9 Hz and 2.3 Hz for 62.1 m
high bell-shaped and 31.6 m high corn-shaped structure, respectively. From numer-
ical modeling, the frequency with fixed base is 2.98 Hz and 3.10 Hz whereas with
subsoil inclusion it was found to be 1.23 Hz and 2.41 Hz, respectively. The properties
considered formodeling are elasticmodulus are 3.020Mpa, poison’s ratio is 0.21 and
compressive strength is 3.92 Mpa. Jaishi et al. [3] carried out analysis on dynamic
and seismic performance of old multi-tiered temples in Nepal. The in-situ measured
frequency by ambient vibration test and analytical natural periods were compared.
An empirical formula is established to estimate the natural period of vibration for
nepalese temples. It was found that the largest period was 0.6 s for the highest tower
(21.93 m).

The problem of testing the scaled model and subject them to ground motion tests
was addressed byDaniel Ruiz et al. [4] for sixteenth and seventeenth century rammed
earth-built churches in the Andean highlands. The purpose of testing the model was
to conduct a comparative evaluation of the seismic performance of scaled model of
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rammed earth-built doctrinal churches, with and without confining reinforcements
by wood elements. The displacements were reinforcement by wood elements. The
displacements were found to be between 4 and 7.1 mm for unreinforced model and
1.2–1.4 mm with LVDT located at different positions.

A Meher Prasad, Arun Menon et al. [5] worked on seismic vulnerability of south
Indian temples, in their effort to protect the monuments from earthquakes as the
studies focussingon south Indian temples are not reported in the literature. The temple
considered for the study is Ekambaranathar temple in Kanchipuram. Fundamental
frequency of the site is estimated to be 3.63 Hz which is closely matching with the
fundamental frequency of the mandapam. From FEM analysis using commercially
available package ABAQUS 6.6.4 the frequency for 4 pillared mandapam is 3.53 Hz
and for 16 pillaredmandapam is 3.46Hz in Y-direction being the first mode. Through
ambient vibration the frequency was found to be 3.56 Hz for 4 pillared mandapam
and 3.10 Hz for 16 pillared mandapam.

2 Description of the Amritesvara Temple

The Amritesvara temple is a heritage stone masonry structure that was constructed
in the ekakuta style (single Vimana). The temple comprises the sanctum sanctorum,
which is also known as the garbhagriha and is where the deity resides; the mandapa,
which is a pillared hall provided in front of the garbhagriha for devotees to gather for
activities such as chanting and meditation; and the antara, which is a chamber that
joins the main sanctuary and the mandapa of the temple. The various components of
the temple are illustrated in Fig. 3.

Fig. 3 Various components of the Amritesvara temple
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Fig. 4 View of the mandapa
at the Amritesvara temple

To study the behaviour of the Amritesvara temple (a heritage structure) under
seismic loads, a part of the temple, namely the mandapa (a space frame), was
considered. The mandapa consists of four columns, four beams and a dome.

2.1 Structural System Modelling

The geometric scaling factor of the model was decided on the basis of shake table
dimensions of 1.5 m × 1.5 m. The actual space frame measures 2.92 m × 2.92 m.
Therefore, a 1:3 scale model was adopted. The temple columns comprise five table
joints. The beams are placed on the capital and are tied using clamps, as observed in
the prototype. The dome is placed on the beam without any joints. The joints of the
temple column were replicated in the model (Figs. 4, 5, 6 and 7). The column base
(pedestal) was fixed to a steel base plate, and this arrangement was assumed to be
the fixed condition. The base plate was connected to the shake table by using 20 mm
bolts (Fig. 5).

2.2 Scaling Factors

Simulation laws were followed when performing geometric scaling. Material used
in the prototype and model is the same. Scale factors obtained using modelling
principles are specified in Table 1 (Si = Sp/Sm).
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Fig. 5 Model of the
mandapa of the Amritesvara
temple

Fig. 6 Table joints provided
in the prototype for different
components of the column

2.3 Experimental Setup

The designed components with shear keys (model elements) were assembled on the
shake table at theEarthquake andVibrationResearchCentre, Central PowerResearch
Institute, Bengaluru (Fig. 8). The provisional assemblage is displayed in Fig. 9. A
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Fig. 7 Table joints provided
in the model for various
elements of the column

Table 1 Scaling factors [6] Sr. no Parameters Scale factor

1 Acceleration (a) Si−1

2 Gravitational acceleration (g) Neglected

3 Time (t) Si

4 Linear dimension (l) Si

5 Displacement (δ) Si

6 Frequency (ω) Si−1

7 Modulus (E) 1

8 Stress (σ) 1

9 Strain (ε) 1

10 Poison’s ratio (ν) 1

11 Mass density (ρ) 1

fully assembled model of the space frame and the instrumentation are depicted in
Fig. 5.

2.4 Seismic Loading Characteristics

Sine sweep tests were conducted on the assembled structure with peak ground accel-
erations (PGAs) of 0.05 g, 0.075 g and 0.1 g in the X-direction from 1 to 50 Hz at
the rate of 1 octave per minute. Figures 10 and 11 display a typical input time history
for the sine sweep tests corresponding to PGAs of 0.05 and 0.075 g, respectively.
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Fig. 8 Assembling the
model on the shake table

3 Experimental Testing on the Shaking Table

Four accelerometers were mounted on different components of the model (shake
table, column, beam and dome), and an infrared linear variable displacement trans-
ducer was projected on the part of the dome where the maximum displacement was
expected. After assembling the model, the accelerometers were placed on it and
seismic testing was initiated. Three shake table tests were performed with PGAs of
0.05 g, 0.075 g and 0.1 g. The PGA was not increased further because the maximum
displacement was observed at 0.1 g. The maximum displacement for a PGA of 0.1 g
was 20.67 mm. At a PGA of 0.1 g, the column rotated due to torsion (Fig. 12) and
the gap between the beams visibly widened at the joints. Therefore, the test was
discontinued (Fig. 13).

4 Damping

The logarithmic decrement method was used to determine the damping value of the
constructed scaled temple model from the free vibration records collected during the
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Fig. 9 Provisional
assemblage

Fig. 10 Time history in the
sine sweep test when the
PGA is 0.05 g
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Fig. 11 Time history in the
sine sweep test when the
PGA is 0.075 g
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Fig. 12 Rotation of the
columns

Fig. 13 Displacement of the
beams

shake table test. The damping value was found to be 6%. The structural damping
ratio obtained through the experimental process was used for numerically modelling
of the scaled temple model. The graph of the free vibration records is displayed in
Figs. 14 and 15.

5 Numerical Modelling of the Scaled Temple Model

Considering the details of the scaled temple model, which is a replica of a part of the
Amritesvara temple, a finite element (FE) model with joints was designed in ANSYS
Workbench 16.0 by using 45 solid elements (Fig. 16). The numericalmodel consisted
of four columns, four beams, one slab, and one dome. The material properties used
in the design were obtained by conducting various experiments, such as the uniaxial
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Fig. 14 Free vibration graph

-0.1

0

0.1

0.2

378.3 378.4 378.5 378.6 378.7 378.8 378.9 379 379.1
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Fig. 16 FE model of the
mandapa
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Table 2 Experimental results for the tested samples

Material Density
(kg/m3)

Compressive
strength (MPa)

Young’s
modulus (MPa)

Poisson’s ratio Tensile strength
(MPa)

Soapstone 2798.6 48.88 3354 0.263 7.55

Table 3 Natural frequency
obtained from the resonance
test

Components Natural frequency (in Hz)

Dome 3.375

Beam 3.375

Column 2.688

compression test for determining the Young’s modulus and Poisson’s ratio as well
as the compressive strength and Brazilian tests for determining the tensile strength.
The obtained results are summarised in Table 2. In the designed model, the building
materials were assumed to be homogenous, isotropic and linearly elastic. Constraints
were applied to the joints; the base was considered to be rigid; and the domes were
designed to rest on the beams.

6 Results

6.1 Natural Frequency

The natural frequencies obtained from the resonance test of the shake table are
presented in Table 3. Because the space frame did not act as a single unit, different
frequencies were observed for different components of the space frame (Figs. 17, 18
and 19). Table 4 summarises the results obtained from the numerical model for the
natural frequency. Table 5 provides a comparison of the natural frequency obtained
through experiments and numerical analysis.

7 Conclusion

In the present study, a scaled model of the Amritesvara temple with the Hoysala
architecture style was designed, constructed and commissioned. Shake table tests
were conducted on the scaled model, and the natural frequency and damping were
determined. Furthermore, a numerical model of the constructed scaled model was
designed, and numerical analysiswas performed. The results fromnumerical analysis
and the laboratory measurements are in good agreement. Thus, the scaled structural
model can replicate the behaviour of the real temple model with reasonable accuracy.
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Fig. 17 Transmissibility graph for the beams
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Fig. 18 Transmissibility graph for the dome

In conclusion, the scaled temple model is a valid and qualified model that can be
used for further experimental investigations. The numerical results indicated that
the vulnerability of the mandapa is mainly due to a lack of suitable interconnection
between structural members.

In the experimental tests, the columns were rotated and hairline cracks were
observed. Moreover, the gap between the beams at the joints visibly widened. This
behaviour suggests that the beam and column behaved independently during the
testing, as indicated by the obtained results. Thus, the experimental results also
indicate that the vulnerability of the mandapa is primarily due to a lack of proper
interconnection between structural members.
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Fig. 19 Transmissibility graph for the column

Table 4 Results obtained from the numerical model of the scaled temple

Modes Mode of vibration Natural frequency (in Hz)

1 Transition in X 2.561

2 Transition in Y 2.568

3 Torsion 3.505

4 Transition in X 12.134

5 Transition in Y 12.954

Table 5 Comparison of the fundamental frequencies obtained through experimental and numerical
analysis

Modes Frequency obtained through shake table
testing in Hz

Frequency obtained through numerical
modelling in Hz

1 2.688 2.561

This study conclusively proves that torsion is the primary mode of vibration of the
temple structure, and the temple structure may collapse during future earthquakes,
even those of relatively low magnitude.
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Effect of Base Isolation on the Seismic
Performance of Hill Buildings

Zaid Mohammad, Ahmed Bilal, and Abdul Baqi

Abstract RCbuildings constructed on hill slopes pose complex structural behaviour
as compared to conventional buildings resting on a plain ground. The hill buildings
come under the category of irregular buildings, which are asymmetric in elevation as
well as plan at different floor levels, due to which the centre of gravity and stiffness
at subsequent floor levels always vary and cause additional torsional moments in the
buildings. Further, the length of the columns in hill buildings also varies pertaining
to steep slopes, resulting in variation of lateral stiffness in all columns. Moreover, the
base isolation systems have shown a profound effect to reduce the seismic vibrations
in the buildings. Thus, in this study, the influence of a commonly used base isolation
system, i.e. Laminated Lead Rubber Bearing (LLRB) on the seismic performance
of two hill building configurations, viz. stepback and setback-stepback, was inves-
tigated. All the configurations have been modelled using a finite element software,
and examined by Response Spectrum analysis and Non-linear Static Pushover anal-
ysis. The dynamic parameters obtained from the numerical study were discussed
as variations in storey shear, base shear, time period, drift, maximum top storey
displacement values and plastic hinge development pattern in the building structure.
finally, the vulnerability and suitability of the different configurations against seismic
excitations were compared.

Keywords Hill buildings · Push-over analysis · Base isolation · Laminated lead
rubber bearing

1 Introduction

The population growth has led to an increase in infrastructural development in hilly
areas. Due to the scarcity of plain ground in hills, the construction of RC buildings
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has to be carried out on steep sloping grounds. Thus, the buildings constructed on hill
slopes show different dynamic behaviour as compared to those resting on the levelled
ground under seismic forces [1]. The stepback configuration is generally preferred
for the buildings on the steep slopes, however, a setback-stepback configuration is
also common. Buildings resting on hill slopes have unsymmetrical structural config-
uration due to which the centre of mass and centre of stiffness varies along various
floors and impart twisting moment in structural members, in addition to the lateral
loads, when subjected to earthquake loads. Further, due to the short column effect in
hill buildings, the shorter column on the uphill side has higher stiffness and attracts
much more forces as compared to that of the column on the downhill side. Hence, it
is found to be more vulnerable to damage under earthquake loads [2].

Previous studies have shown that a base isolation system is the most effective
control measure for reducing the earthquake vibrations induced in the structural
systems [3–5]. In conventional earthquake-resistant design of RC structures, the
capacity of the structure is increased to provide the seismic demand through adequate
reinforcement and ductility. Whereas, in a base isolation system, the dynamic prop-
erties of the building are modified in such a way that the shear demand for which
the building has to be designed is reduced. In this technique, some flexible system
is introduced between the foundation system and the column base of the structure,
which increases the damping as well as the horizontal flexibility of the building.
The fundamental time period of the RC structures is generally found in the range
of the predominant period of the earthquake ground motions which causes a high
dynamic amplification effect [6, 7]. Thus, the time period of the building can be
increased beyond 2.0 s using base isolation, which significantly brings down the
seismic demand [3]. The most common type of base isolator is the laminated lead
rubber bearing isolator, as it is found to be very effective in reducing the high accel-
erations or the high-frequency motions. These are characterized by low horizontal
stiffness to isolate the horizontal vibrations and high vertical stiffness [8, 9].

The state-of-the-art studies carried out so far, emphasized the structural behaviour
of hill buildings and frame-infill interaction in normal buildings constructed on the
plain ground [1, 2, 10–16]. But none of the studies were conducted on the behaviour
of hill buildings with base isolation systems under earthquake loads. Moreover, IS
1893 (Part 1) has recommended to carry out three-dimensional dynamic analysis for
the buildings with geometrical, mass and stiffness irregularity to ascertain the true
response of buildings subjected to lateral loads [17]. Also, the inelastic behaviour of
hill buildings should be analysed in order to get the true response of the structure.
Thus, the present study explores the influence of a commonly used base isolation
system, i.e. Laminated Lead Rubber Bearing (LLRB) on the seismic performance of
two hill building configurations, viz. stepback and setback-stepback. All the config-
urations were modelled using a finite element software, and examined by employing
Response Spectrum analysis and Non-linear Static Pushover analysis. The seismic
parameters obtained from the numerical study were discussed as variations in storey
shear, base shear, time period, drift, maximum top storey displacement values and



Effect of Base Isolation on the Seismic Performance … 231

plastic hinge development pattern in the building structure. Finally, the vulnera-
bility and suitability of the different configurations against seismic excitations were
compared.

2 Materials and Methods

The present study investigates the structural behaviour of two different types of
buildings resting on an inclined terrain, viz. stepback and setback-stepback, under
seismic loads. The influence of laminated lead rubber bearing (LLRB) base isolation
system on the seismic performance of the considered configurations was analysed.
The Response Spectrum and Non-linear Static Pushover methods were employed
to ascertain the seismic response of building configurations. The obtained seismic
parameters from the analyses were compared as variation in the values of the funda-
mental time period, lateral drift, lateral shear at foundation level and plastic hinge
development pattern in along as well as across hill slope direction. The elasticity
modulus and Poisson’s ratio of concrete material are taken as 25,000 N/mm2 and
0.2, respectively. The concrete mix and reinforcement steel grade were assumed as
M25 and Fe500, respectively. For seismic analysis, rigid frame diaphragm is consid-
ered in the floor systems and support conditions are assumed to be fixed at foundation
level. Due to accidental eccentricity, the torsional effects have been considered in the
analysis in accordance with IS 1893 (Part 1): 2016. For non-linear analysis, plastic
hinges were allocated at the ends of all the frame elements in all the models. The
load application was considered to be displacement control in pushover analysis.
When the load was incrementally increased, structure members may start to yield
and lead to failure. The members experience changes in stiffness sequentially and
demonstrate various stages as shown in Fig. 1, viz. immediate occupancy, life safety
and collapse prevention levels [18].

Fig. 1 Force versus
deformation curve for plastic
hinge at different stages
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Table 1 Parameters
considered in different
building configurations [11]

Geometric parameters Seismic parameters

Thickness of slab = 0.150 m Zone = V

Height of each storey = 3.5 m I = 1.5

Depth of foundation = 1.75 m R = 5

Column size = 0.23 m ×
0.50 m

Soil condition = II (i.e.
medium)

Beam size = 0.23 m × 0.50 m Live load = 3 kN/m2

2.1 Building Configuration

Four different models of stepback and setback-stepback building configurations with
and without base isolator systems were analysed. The buildings were modelled with
4 bays in along as well as across slope directions. The length of each bay in along
and across the slope in all the models was taken as 7 and 5 m, respectively. The
inclination of the ground was assumed to be 27° with the horizontal [11].

The load due to the masonry infills has been considered at the periphery of
the building frames. The various parameters considered in the analysis of different
building configurations are mentioned in Table 1.

2.2 Design of Base Isolation System

For the design of an effective base isolation system, the main requirements are:
(a) capability to carry vertical loads, (b) sufficiently low stiffness in the horizontal
direction which can increase the time period of the building to the required value,
(c) large vertical stiffness so that the amplification in the vertical direction can be
minimized, (d) sufficient damping to prevent excessive isolation level displacements,
and (e) initial stiffness to prevent movement due to small vibrations [19]. While
designing a base-isolated building, the following steps are followed [3]:

(i) Base isolators were designed based on the vertical load coming on them for
the specified zone and soil type.

(ii) Base isolated building was designed to achieve the desired criteria.
(iii) Finally, the design was checked using non-linear dynamic analysis.

The base isolators were designed using the relationships given by Datta [3]

Kef f = W

g

4π2

T 2
b

(1)

where Keff is the effective stiffness of the base isolator, W is the maximum vertical
load under any column for the load case ‘1.2DL + 1.6LLo’ (where LLo reduced live
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load) [19], Tb is the isolated time period, ‘Tb = nT ’, (where n may be taken as 3 to
4), T represents the time period for building having a fixed base.

Ar = W/p (2)

Tr = GAr/Kd (3)

Apb = F/σpb (4)

where Tr is the thickness of one rubber layer, G is the modulus of rigidity of
rubber, G varies from 0.69 to 0.86 MPa for the range of strain specified for rubber
bearing, i.e. γ = 100 − 150% [6], Ar represents the area of rubber layer, F is the
characteristic strength calculated while determining the bilinear curve properties
of the base isolator, σ pb is the yield shear strength of the lead. σ pb has a value of
8–10 MPa [4].

In order to account for sufficient over strength, peak design earthquake forces are
used directly to design isolation system and substructure, that is, the R factor is taken
as unity for designing the isolation system and the substructure. For the design of
superstructure, the response reduction factor, RI is kept lesser than that of fixed base
building. As per FEMA P751 (2009) [20], RI is taken as three-eighth of the R factor
considered for the fixed base structure. For superstructure, RI is considered as 2. For
substructure, RI is considered as 1. In IBC 2006, 1605.2.1 [21], three load cases, are
available for the design of isolators.

In this paper, hill buildings with two configurations, viz. stepback and setback-
stepback have been analysed. Base isolators were designed for both the buildings and
the responses were compared with the buildings having fixed supports (see Fig. 2).
In order to keep the design economical, base isolators were not provided beneath
all the columns. Base isolators were provided at supports that were at higher levels
from the base supports as shown in Fig. 3 and were subjected to higher shear forces
under earthquake.

Fig. 2 Different hill building configurations: a Stepback building and b Setback-stepback building
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Fig. 3 Hill building configurations with a base isolator in a Stepback building and b Setback-
stepback building

Initially, the buildings were analysed using the response spectrum method where
input spectrum was taken from IS 1893:2016 [17]. The vertical load at each column
was evaluated and the base isolator was designed individually. For example, while
designing the base isolator under an interior column for setback-stepback config-
uration, the values of effective stiffness, design displacement and energy dissipa-
tion per cycle have been calculated as Keff = 2112 kN/m, Δd = 0.213 m, and
Wd = 82.56 kNm, respectively, from Eq. 1, for zone V and damping coefficient
ξ eff = 0.15. Final values of parameters of the backbone curve of the base isolator
have been obtained after iterations (Tables 2 and 3). Furthermore, the geometric
properties have been calculated from Eqs. 2–4 as shown in Tables 4 and 5 [19]. Four
sets of base isolators were designed for each building. Lumped plasticity approach
was adopted for modelling non-linearity in the beams and columns. Hinges were
defined as per FEMA 356 [18]. M3 hinges were provided for beams and P-M2-M3
hinges were provided for columns.

Table 2 Bilinear properties of the isolators used in stepback building

Isolator id R (kN) Keff (kN/m) Fy (kN) Ku (kN/m) Kd (kN/m)

RUB2000 2000 1222 70 9236 924

RUB1500 1500 964 55 7292 729

RUB1000 1000 643 37 4861 486

RUB650 650 418 24 3159 315

Table 3 Bilinear properties of the isolators used in setback-stepback building

Isolator id R (kN) Keff (kN/m) Fy (kN) Ku (kN/m) Kd (kN/m)

RUB2800 2800 1801 104 13,611 1361

RUB2000 2000 1222 70 9236 924

RUB1300 1300 836 48 6319 632

RUB850 850 546 31 4139 414
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Table 4 Geometric properties of the base isolators used in stepback building

Geometric properties (in mm) RUB2000 RUB1500 RUB1000 RUB650

Bearing diameter 600 550 450 35

Diameter of lead core 95 85 70 60

Thickness of each rubber layer 13 13 13 12

Layers of rubber 18 20 20 15

Thickness of the plates 3 3 3 3

Thickness of end plates 25 25 25 25

Bearing height 338 370 370 275

Table 5 Geometric properties of the base isolators used in setback-stepback building

Geometric properties (in mm) RUB2800 RUB2000 RUB1300 RUB850

Bearing diameter 720 600 500 400

Diameter of lead core 100 95 75 65

Thickness of each rubber layer 13 13 13 13

Layers of rubber 18 18 18 18

Thickness of the plates 3 3 3 3

Thickness of end plates 25 25 25 25

Bearing height 338 338 338 338

3 Results and Discussion

The hill building configurations with fixed support and base isolator systems were
analysed for the seismic loads in along aswell as across slope directions including the
effect of accidental eccentricity as per code provisions [17]. The three-dimensional
modelswere analysed using theResponse spectrummethod and Push-overmethod of
analysis. The results obtained from the analysis were discussed in terms of the funda-
mental time period, total base shear, lateral shear force at foundation and plastic hinge
patterns in structural members, and compared within the considered configurations.

The dynamic properties obtained from the numerical analyses have been described
in Table 6. It can be clearly observed that the base isolator system has significantly

Table 6 Seismic response of different building configurations

Building type Support type FTP by RSA (sec) Base shear (kN)

Along Across Along Across

Stepback Fixed 0.718 0.417 2986 2258

Base isolated 1.675 1.217 1521 884

Setback-stepback Fixed 0.894 0.580 2502 1603

Base isolated 2.165 1.613 989 638
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influenced the seismic performance of both stepback and setback-stepback configu-
rations. In the case of stepback buildings, the fundamental time period (FTP) in along
slope direction was found to be increased by 133.3% with the introduction of a base
isolator system in place of fixed isolated supports. The variation in FTP was found
to be 191.8% in across slope direction. Similarly, base-isolated setback-stepback
buildings exhibited a 142.1 and 178.1% increase in the FTP in along and across
slope direction, respectively, as compared with that of fixed supported building.

There was a prominent decrease in the total base shear was observed in building
configurations with base isolation in along as well as across slope directions, which
indicates the less shear demand attracted by the structural members of base-isolated
buildings as compared with those of fixed support systems. The base shear values
were found to be reduced to 50.9 and 38.6% in along and across slope directions,
respectively, after the base isolation system was introduced in the stepback building.
Also, the base shear values in the base-isolated setback-stepback configuration were
found to be decreased to 39.5 and 39.8% in along and across slope directions, respec-
tively. Moreover, it can be ascertained that the setback-stepback buildings attract less
base shear than the setback configuration of the hill buildings, thus proved to be less
prone to earthquake forces.

Figures 4 and 5 describe the lateral shear force distribution in an interior frame
of hill building configurations. It was observed that the building with fixed support

10
4.

0

77
.0

45
.0 10

3.
0

34
3.

0

84
.0

99
.0

7.
3

6.
3

2.
4

0

100

200

300

400

500

A B C D E

Sh
ea

r 
Fo

rc
e 

(k
N

)

Fixed Base isolated

Fig. 4 Shear force distribution in columns at foundation level in stepback building in along slope
direction

Fig. 5 Shear force
distribution in columns at
foundation level in
setback-stepback in along
slope direction
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systems tends to attract higher shear forces in columns at upper storey level pertaining
to higher lateral stiffness and short overall length. However, after the introduction
of base isolators at columns C, D, and E, a significant reduction in the base shear
values could be observed, especially at uppermost storey level at location E. Thus,
it can be concluded that the introduction of base isolation systems in hill building
configurations reduces the lateral shear demand in the structuralmemberswith higher
lateral stiffness. A subsequent decrease in the values of base shear at C and D levels
was also observed. However, the columns at frame A and B were remained fixed to
reduce the lateral drift in the building structure.

The building configurations were also analysed using non-linear static pushover
analysis after designing the reinforced concrete frames for assessing the seismic
response of the structure. The plastic hinge pattern in structural members of different
hill building configurations with and without base isolators was ascertained and
compared in along as well as across hill slope directions at intermediate, upper and
lower storey levels (see Figs. 6 and 7). The colour coding of the hinge represents
the deformation and performance behaviour at various load levels. In the case of
stepback configurationswith fixed support systems, the plastic hingewas first formed
in columns of the topmost storey due to high storey shear, also, complete yielding
of foundation at upper hill frame was observed. However, after the introduction of
base isolators, the formation of hinges could be observed in beams followed by
the columns in lower storeys. Thus, a significant decrease in the shear demand in
columns with high lateral stiffness was observed. Further, the performance of the
building in across hill slope was observed to be significantly increased with the
use of base isolators. It can be observed that the columns at uphill and downhill
side have yielded prior to beams, while the base-isolated model displayed hinge
formations in safe levels in only beam members. Moreover, due to less seismic
weight, the setback-stepback configuration performed better and exhibited minimal
yielding in fixed support condition, whereas, none of the frame members in base-
isolated configuration displayed yielding at any location, showing the effectiveness
of base isolation systems in the performance of hill building configurations.

4 Conclusion

In this study, the seismic behaviour of two different hill building configurations with
fixed and base-isolated support systems was investigated. The three-dimensional
models were analysed using the Response spectrum method and Push-over method.
The dynamic properties of the hill buildings were evaluated and compared. It was
observed that the fundamental time period of both stepback and setback-stepback
buildings was increased significantly with the introduction of base isolators at the
foundations. A prominent reduction in base shear value in along as well across hill
slope direction was observed in both configurations. Further, in the case of step-
back building with fixed support systems, the plastic hinges were first formed in
the columns of topmost storey due to high storey shear, also, complete yielding
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Fixed supports Base isolated supports 
(a) Along slope direction (Intermediate frame) 

Fixed supports Base isolated supports 
(b) Across slope direction (Downhill side) 

Fixed supports Base isolated supports 
(c) Across slope direction (Uphill side) 

Fig. 6 Plastic hinge formation pattern in stepback building

of the foundations at upper hill frame was observed. However, after the introduc-
tion of base isolators, the formation of hinges could be observed in beams followed
by the columns in lower storeys only. Moreover, due to less seismic weight, the
setback-stepback configuration performed better and exhibited minimal yielding in
fixed support condition, whereas, none of the members in base-isolated configura-
tion displayed yielding at any location, showing the effectiveness of base isolation
systems. Thus, it can be concluded that the introduction of base isolation systems
in hill building configurations reduces the lateral shear demand in the structural
members with high lateral stiffness. Additionally, it could be ascertained that the
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Fixed supports Base isolated supports 

(a) Along slope direction (Intermediate frame) 

Fixed supports Base isolated supports 

(b) Across slope direction (Downhill side) 

Fixed supports Base isolated supports 

(c) Across slope direction (Uphill side) 

Fig. 7 Plastic hinge formation pattern in setback-stepback building

setback-stepback buildings attract less base shear than the setback configuration of
the hill buildings, thus proved to be less prone to earthquake forces.
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Seismic Response Perspective
for the Proposed Subway Tunnel Near
Kamalapur Railway Station

Tahmeed M. Al-Hussaini, Sagar Barua, and Mahbubah Ahmed

Abstract Tomitigate ever-growing traffic congestion inDhaka city, theGovernment
of Bangladesh is implementing the Mass Rapid Transit (MRT) project. The MRT
Project consists of several metro rail routes in the city, some of these routes are
elevated rail, while some are planned to be partly elevated and partly underground.
Construction ofMRTLine 6 consisting of elevated rail is in progress,while the second
route (MRT Line 1) being planned for construction consists of some underground
portions. Bangladesh, located near the plate boundaries of the Indian Plate colliding
with the Eurasian Plate, possesses significant seismic hazard. According to the latest
updated version of the Bangladesh National Building Code (BNBC-2020), Dhaka
city has a seismic zone coefficient of 0.20 (maximum considered earthquake) for
rock sites. For local soil conditions, ground motions may exceed 0.25 g. This paper
considers a site near Kamalapur Railway station, the Railway Hub in Dhaka city,
where MRT Line 1 will end. The seismic response of a typical cross-section of
subway tunnel is analyzed using the finite element software PLAXIS 2D. Time
history analysis under 2D plane strain conditions is conducted for various intensity
levels of earthquake motion incorporating site effects.

Keywords Subway tunnel · Seismic response · Site amplification · Dhaka MRT ·
FEM

1 Introduction

During an earthquake, underground structures move with the soil, while structures
above ground are free to sway back and forth. For this, underground structures are
less prone to damage in comparison to surface engineeringworks. From this belief for
a long-time, underground structures were designed without seismic considerations.
However, some significant damages of underground tunnels during recent strong
earthquakes have drawn attention. Researchers have conducted different case studies
on the damages of the tunnel due to different earthquakes. Damages in tunnel lining
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like cracking, spalling, collapsing have been identified after earthquakes [1]. Later, to
minimize the damage suffered by tunnels during the earthquakes, many studies have
been carried out. These studies recommend special treatment in designing tunnels
for earthquake hazards. To obtain an optimum tunnel seismic design, a correct evalu-
ation of stresses in tunnel lining and its relative displacement under seismic waves is
necessary. The variation of internal forces induced in the tunnel lining during earth-
quakes can be calculated following several approaches that model in different ways
the soil-structure interaction [2]. Although existing guidelines suggest pseudo-static
or uncoupled dynamic analyses, usually adopted for a preliminary stage of design, it
has been shown that full dynamic analyses must be performed of the soil-structure
interaction taking into account the influence of the pre-existing stress state around
the tunnel [3, 4].

The government of Bangladesh has undertaken massive infrastructure projects in
the transportation sector across the country, including a Mass Rapid Transit (MRT)
System in Dhaka city to ease traffic congestions in this densely populated megacity.
An elevated metro rail (MRT Line 6) under construction is expected to be completed
next year. This will be the first metro rail of the capital city. The second metro
rail under planning is MRT Line 1, which has portions of it underground. This paper
dealswith the underground portion ofMRTLine 1.A recent publication [5] addresses
geotechnical considerations and prospects for underground construction, including
the underground metro in Dhaka City. This study attempts to have an assessment of
the seismic response of the proposed tunnel-soil system in Dhaka soil. Full dynamic
analysis of the soil-structure system has been conducted using the finite element
software PLAXIS 2D.

2 Site Information

2.1 Route Location

The MRT Line-1 will have both elevated rail and underground rail [6] as shown in
Fig. 1. Line 1 will have two branches: (i) 16.5 km Airport line running from Dhaka
airport southward to Kamalapur Rail Station and (ii) 10 km Purbachal line running
from Bhatara (Natun Bazar) eastward to Purbachal. The major portions of Line 1
will be above ground. However, there will also be significant underground portions
(shown in blue in Fig. 1): (i) Khilkhet to Bhatara (ii) Malibag to Kamalapur (iii)
Bhatara to Bashundhara. A typical underground cross-section of MRT line-1 tunnel
near Kamalapur railway station has been considered for analysis in our study.
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Fig. 1 Layout plan of MRT Line 1 [6]

2.2 Soil Profile

Soil investigations through 41 borings conducted under project feasibility study [6]
provide information about the soil condition along the proposed route of MRT Line
1. A site (Borehole BH-1) near Kamalapur railway station is considered for this study
(Fig. 2).

The subsoil information shows that there is 7.5 m of grayish brown medium stiff
to very stiff clay on top of 3 m sandy silt layer. Below the sandy silt layer, 13.5 m of
silty sand overlies firm support (N > 50) consisting of very dense sand or hard clay.
Corresponding Standard Penetration Test (SPT) values are also shown in the figure.
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Fig. 2 Location of Borehole BH-1 and corresponding Bore Log [6]

3 Seismic Site Response Analysis

The software ‘DEEPSOIL’ has been used to conduct one-dimensional seismic site
response analysis adopting the equivalent linear method. Shear wave velocities are
estimated from SPT values of BH-1 using empirical relations given by the Japan
Road Association [7].

Three earthquake records with different characteristics (listed in Table 1) but
scaled to values consistent with Bangladesh’s seismic zoning map have been used

Table 1 PGA (g) values obtained at 44 m depth from seismic site response analysis for different
intensity levels of earthquakes

Earthquake Record PGA (g) at 44 m depth

Case 1 PGArock = 0.25 g Case 2
PGArock = 0.2 g

Case 3
PGArock = 0.15 g

January 17, 1995
Mw = 6.9
Kobe, Japan (PGA= 0.82 g)

0.15 0.12 0.08

October 15, 1979
Mw = 6.4
Imperial Valley, USA (PGA
= 0.17 g)

0.18 0.14 0.1

January 17, 1994
Mw = 6.9
Northridge, USA (PGA =
0.22 g)

0.18 0.15 0.12
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as input for site response analysis. The motions are hereafter termed as Kobe, Impe-
rial Valley, and Northridge earthquake. The magnitude of the earthquakes and the
peak ground acceleration (PGA) values of the three earthquake records are given in
Table 1.

According to the updated version of the Bangladesh National Building Code
(BNBC-2020), Dhaka city has a seismic zone coefficient of 0.20, implying
PGA = 0.2 g at rock site [8] for maximum considered earthquake (MCE). For
local site conditions consisting of alluvium, site amplification is expected, which
is assessed by conducting seismic site response analysis. For this analysis, three
different intensity levels are considered with PGArock equal to 0.25, 0.2, and 0.15 g.
Each of the records of Imperial Valley, Northridge, and Kobe earthquakes scaled
down to 0.25, 0.2, and 0.15 g are chosen as input (outcrop) motion in DEEPSOIL.
As a result, nine sets of earthquake motion are considered. Through one-dimensional
wave propagation analysis adopting an equivalent linear method, ground motion at a
depth of 44 m is obtained. Table 1 also presents PGA values obtained at 44 m depth
for nine sets of input earthquake motion. It is observed that the Imperial Valley and
Northridge earthquake result in significantly greater PGA compared to that for the
Kobe earthquake. The ground motion records obtained for 44 m depth are finally
used as input to the base of the soil-tunnel system’s numerical model for further
numerical analysis in PLAXIS 2D.

4 Seismic Tunnel Response Analysis

4.1 Numerical Model

Figure 3 presents a schematic view of the tunnel-soil system considered for numerical
analysis. A 7 m diameter tunnel with a reinforced concrete lining thickness of 0.3 m
is assumed to have 8 m of overburden soil. High-strength concrete (fc’ = 7000 psi)
is considered for the tunnel lining. The soil profile up to firm soil is considered here,
i.e., up to 44 m depth. The ground motion obtained through site response analysis
(Sect. 3) is applied here at a depth of 44 m. As shown in Fig. 3, the soil profile is
divided into eleven layers. The corresponding shear wave velocity and density are
also shown.

A 2D plain strainmodel adopting 15-noded triangular elements is used to generate
the finite element mesh for the problem shown in Fig. 3. The mesh, as developed
in PLAXIS-2D, is shown in Fig. 4. The model is provided with viscous boundary
conditions on the vertical boundaries described as absorbing boundary conditions
in [9], while input motion (acceleration time history) obtained from site response
analysis (Sect. 3) is applied to the base of the model as shown in Fig. 4.
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Fig. 3 Schematic view of the soil-tunnel system

Fig. 4 PLAXIS 2D plain strain model with generated mesh

4.2 Numerical Results

Time history analysis is performed in PLAXIS-2D to evaluate the seismic response
of the tunnel-soil system. Two parameters are considered in this paper, which affects
the tunnel lining design:

(i) Induced horizontal distortions.
(ii) Induced moments.

Figure 5 presents horizontal distortion in the tunnel lining, which is defined as the
relative lateral displacement between the tunnel left and tunnel right. For different
intensity levels of earthquake, the relative displacement is found to be of the order
of mm. The maximum distortion is found to be around 4.5 mm, which corresponds
to the Imperial Valley earthquake. It may also be noted that the distortion is not
proportional to the different intensity levels for the same earthquake. It is also worth
mentioning that the Northridge earthquake has the maximum PGA value (Table 1)
but still results in minimum distortion.

As shown in Fig. 6, the Kobe earthquake which has the lowest PGA (Table 1)
results in the maximum bending moment (88.06 kN-m/m) in the tunnel lining. The
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Fig. 6 Maximum bending moment in tunnel lining for different earthquake intensity levels

value of the bendingmoment without any earthquake is around 62.5 kN-m/m. Hence,
the increase in bending moment is 5 to 25.56 kN-m/m, whereas corresponding input
PGA at 44 m depth increases from 0.08 to 0.15 g. Hence, the bending moment
increases by a much larger factor.
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5 Conclusions

This paper presents preliminary results on ongoing research work for seismic
response analysis for a typical tunnel-soil section for the proposed underground
metro Line 1 near the Kamalapur Railway Station in Dhaka city. The study includes
a two-step procedure with a seismic site response analysis to obtain ground motion
at a certain depth, which is then used to perform finite element analysis on the
tunnel-soil system using PLAXIS-2D. A variety of earthquake records with varying
intensity levels have been considered. The seismic motion may generate appreciable
bending moment in the tunnel lining, whereas the induced horizontal distortion is
not that significant. The bending moment can increase at a much higher rate than the
increase in the rate of intensity level. It is also observed that the earthquake with the
lowest PGA at the bottom yields the largest bending moment. This highlights the
importance of characteristics of earthquakes other than PGA. The results presented
here are expected to be useful for conducting further studies on assessing the effect
of an earthquake on tunnel design in the context of Dhaka City.
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Assessment of the Global Ductility
of Mid-rise RC Buildings
and Comparison with Varying Plan
Aspect Ratio in High Seismic Zone

C. K. Sushma and Vijayalakshmi Akella

Abstract A structure in high seismic regions must perform under large forces
without failing; hence, in this scenario, inelastic energy dissipation plays an impor-
tant role in resisting large forces mainly caused by an earthquake. A ductile structure
can deform and dissipate energy during an earthquake because it keeps deforming
without reaching ultimate failure or collapse. In this study, the ductility of mid-rise
RC buildings was compared under high seismic zones for different aspect ratios.
Investigations were performed by following the Indian standard code with respect
to plan aspect ratios. Reinforced concrete buildings with 10, 20 and 30 stories were
modelled using five different plan aspect ratios of 1:1, 1:2, 1:3, 1:4, 1:5 and 1:6 under
two categories, viz., category 1 with different plan aspect ratio and category 2 with
the same plan area. The buildings were analysed by employing response spectrum
and non-linear static analysis to obtain the results using Etabs software.

Keywords Pushover analysis ·Mid-rise building · Ductility ratio · Performance
point · Hinge

1 Introduction

1.1 Aspect Ratio

When the earthquake occurs, inertia force is distributed in a building, at floor levels
where the mass is large and then this force is disseminated to lateral load resisting
systems that this is, columns and/or structural walls. When floor slabs do not deform
in large quantities in their own plane, due to rigid diaphragm action, a considerably
good possibility of the distribution of inertia forces to lateral load resisting systems
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in proportion to their capacities emerges. However, when considerable deformation
occurs in slabs in their own planes the inertia force is distributed based on the trib-
utary area which causes members overloading with a low capacity and thus leads to
buildings damage. Hence, floor slabs in buildings with a large plan aspect ratio may
not provide rigid diaphragm action. Thus, constructing buildings with a large plan
aspect ratio is not favorable [1].

1.2 Pushover Analysis

The non-linear static analysis, or pushover analysis, is a reliable procedure for seismic
performance evaluation. It is a static analysis that includes nonlinear material char-
acteristics. The non-linear static analysis can be performed to predict redistribution
of forces during progressive yielding and thus to predict failure mechanisms or to
accurately detect the possibility and location of any premature failure because it
considers the inelastic behavior of structures. This analysis can help identify crit-
ical members likely to reach critical states during an earthquake to which attention
should be paid during design and detailing. The pushover analysis includes several
successive elastic analyses, superimposed to estimate the force–displacement curve
of the complete structure [2].

1.3 Ductility

“The idea of designing earthquake resistant structures is based on the concept of
energy absorption in inelastic deformations. The inelastic deformation capacity of
structures is defined by a factor called ductility factor, which is the ultimate deforma-
tion to yield deformation. This factor indicates the rate of delay caused by the struc-
ture between yield and damage states. Thus, the structure behavior factor depends
directly on the ductility factor” [3].

Mahmoodi (2000) studied the behavior of concrete moment resisting frames with
different stories by inelastic analysis with a nonlinear static method and considered
global and local (members) ductility capacity of the frames. They used displacement
and rotational ductility to determine global and local ductility, respectively, and
proposed a formula in two states to obtain the global ductility capacity of the structure
based on the ductility capacity of beams and on that of columns [3].

1.4 IS Code

“IS 16700: 2017 code provides guidelines to prevent the progressive collapse of tall
buildings. Progressive collapse can be defined as the failure that initiates at the local
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element level and then propagates from element to element, finally leading to the
collapse of entire building. As per the code, progressive collapse can be precluded
by, selecting a suitable structural system, selecting critical member and providing
adequate redundancy to the building. The Code also suggests the use of key elements
to safeguard the building from progressive collapse. In addition to the methods indi-
cated in the code to minimize the possibility of progressive collapse, other methods
are suggested in various literature; these methods include improvement of member
ductility, identification and strengthening of critical locations of buildings and provi-
sion of alternate load paths. Section 8.2 of the code emphasizes to ensure various
aspects of ductility in tall buildings” [4, 5].

2 Present Work

Objective

1. Tounderstand the effects of lateral force distributionon the lateral force-resisting
system for different plan aspect ratios.

2. To understand the global ductility of buildings under investigation.

Three RC buildings of 30, 20, and 10 stories were considered in this study. Six
models were prepared under each story for different plan aspect ratios of 1:1, 1:2,
1:3, 1:4, 1:5, and 1:6 for each story. The models have been discussed in detail in the
below sections.

2.1 Modeling

Category 1

Six 30-, 20-, and 10-storied building were modeled using Etabs software, Table 1
presents the description of the input considered for modeling (Fig. 1).

Category 2

Six 30-storied buildings with the same area and the following input description were
modeled (Table 2).

2.2 Analysis

The nonlinear analysis of the structures under static and dynamic loading was
performed “ETABS” software. The response spectrum and pushover analyses were
performed to determinemaximum displacement and yield displacement of the whole
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Table 1 Description of the model

Sl. no Particulars Remarks

1 Model 1 1:1 Area = 182.25 SQM

2 Model 2 1:2 Area = 364.5 SQM

3 Model 3 1:3 Area = 546.75 SQM

4 Model 4 1:4 Area = 723.6 SQM

5 Model 5 1:5 Area = 904.5 SQM

6 Model 6 1:6 Area = 1085.4 SQM

7 Zone 4

8 Soil type 2

9 Grade of concrete M35

10 Grade of steel FE500

Fig. 1 Plan of the building with varying aspect ratio 1:1, 1:2, 1:3, 1:4, 1:5, and 1:6
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Table 2 Description of the
model

Sl. no Particulars Remarks

1 Model 1 1:1 Area = 1100 SQM

2 Model 2 1:2 Area = 1100 SQM

3 Model 3 1:3 Area = 1100 SQM

4 Model 4 1:4 Area = 1100 SQM

5 Model 5 1:5 Area = 1100 SQM

6 Model 6 1:6 Area = 1100 SQM

7 Zone 4

8 Soil type 2

9 Grade of concrete M35, M30

10 Grade of steel FE500

structure, respectively. According to IS 1893:2016, Zone 4 and Soil type 2 were
considered for the analysis. The building models were analyzed and the designing
process was conducted according to the IS codes 456 and 13920. Subsequently,
global ductility was calculated using the formula

µ(global) = �max /�y,

where �max is = the maximum displacement at the roof level and �y is the yield
displacement of the whole building.

3 Results and Discussion

3.1 Maximum Displacement

According to the results of maximum displacement at each story, a trend of increase
in displacement value from lower stories to the roof was observed and this trend
occurred for all the aspect ratios (Figs. 2, 3, 4, 5, 6, and 7).

The maximum displacement at the roof level for aspect ratio 1:4 decreased by
76.5% in comparison with the aspect ratio 1:5 which decreased by 69.12%.

The percentage increase from 4th story to 30th story is approximately 78%,
however for the building with an aspect ratio of 1:4, the percentage increase from
4th to roof level is 73%.

After the 24th floor in all the buildings, the increase in displacement is decreased
by 4%.

In the building with the plan aspect ratio of 1:4 at the roof level the displacement
is decreased by 0.23 mm in comparison with that on the 28th story.
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Fig. 4 Maximum displacement for the building with aspect ratio 1:3 story versus displacement

3.2 Story Drift

The story drift values obtained from the different plan aspect ratios are as follows
(Figs. 8, 9, 10, 11, 12, and 13).
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Fig. 7 Maximum displacement for the building with aspect ratio 1:6 story versus displacement

The story drift shows a decreasing trend from the ground floor to the roof level.
The building with the plan aspect ratio 1:4 exhibits behavior where the story drift

at the 28th story decreases compared with that at the lower stories, but the story drift
increases by 59% at the roof level.
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Fig. 8 Story drift for the building with aspect ratio 1:1
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Fig. 9 Story drift for the building with aspect ratio 1:2
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Fig. 10 Story drift for the building with aspect ratio 1:3

For the buildings with the aspect ratios of 1:2, 1:3, 1:4, 1:5, and 1:6 story drift
decreased by approximately 93% However for those with an aspect ratio of 1:4 the
story drift decreases by 86% and for those with the aspect ratio 1:1 the story drift
decreases by 51%.
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Fig. 12 Story drift for the building with aspect ratio 1:5
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Fig. 13 Story drift for the building with aspect ratio 1:6

Story Stiffness

The presence of stiffness irregularity, together with strength irregularity, along the
building height leads to undesirable performance throughout severe earthquake
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shaking, including the localization of lateral deformations in select stories and initi-
ation of story collapse mechanism. The existence of stiffness and strength irregu-
larity, contributes to the undesirable output during an extreme earthquake, along the
construction height, including the location of lateral deformations in the selected
stories and to the mechanism of story collapse. The lateral stiffness Ks of a story is
defined as the ratio of the story shear to story drift.

The following results show the variation in the stiffness for different stories and
aspect ratios (Figs. 14, 15, and 16).

Global Ductility

The Global Ductility graph indicates that the ductility ratio decreases for the building
with respect to the aspect ratio of 1:2 by 23% compared with the aspect ratio 1:1 and
then increases for the aspect ratio 1:4 and again shows a trend of decrease by 36%
for the aspect ratios 1:5 and 1:6.
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Fig. 14 Stiffness for 10 story along X-axis
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Fig. 15 Stiffness for 20 story along X-axis
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Fig. 16 Stiffness for 30 story along X-axis

4 Conclusion

This paper mainly focuses on the behavior of buildings with respect to the plan aspect
ratios. In this paper, the calculation of global ductility for a high-rise building with
a symmetrical plan and is mainly emphasized. Ductility is not directly proportional
to the aspect ratio. Figures 17, 18, 19, and 20 indicate the variation pattern of the
ductility ratio.

A detailed study was conducted by comparing the ductility ratio by varying the
plan aspect ratio with the building height. When the number of stories increases
from 10 to 30, the variation pattern becomes considerably similar. The ductility ratio
decreases at 1:2 ratio and shows an increasing trend till the plan aspect ratio of 1:4
and then decreases at plan aspect ratio 1:5 and again increases for the aspect ratio of
1:6.

Ductility for the aspect ratio of 1:4 decreased by 29% and 36.2% compared with
that for the aspect ratio of 1:3 and 1:5, respectively.
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Fig. 17 Global ductility demand of the 10-story building
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Fig. 18 Global ductility demand of the 20-story building
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Fig. 19 Global ductility demand of the 30-story building
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Fig. 20 Global ductility ratio for the 30-story building with the same area

In this study, the building dimension was kept constant along the Y-axis and the
number of bays was increased along the X-axis. The maximum displacement at the
roof level along X-axis shows a trend of decrease with an increase in the plan aspect
ratio.
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Figures 14, 15, and 16 show the variations in buildings stiffness. The ductility
ratio is directly influenced by the stiffness variation.
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Sloshing Response of Water Tanks Under
Seismic Excitation

Jogi Pranitha and B. R. Jayalekshmi

Abstract Liquid storage tanks are the predominant structures and they have to be
designed to withstand major earthquake loads. In the present study, an elevated intze
water tank of capacity 700m3 was considered and analyzed for seismic effects. Finite
elementmodeling of the tankwasmade inANSYS.A series of transient analyseswas
carried out for El Centro and Kobe earthquakes which are applied in the horizontal
direction. The fluid inside the tank accelerates and causes additional hydrodynamic
pressures on the tank. Past studies reveal that the convective hydrodynamic pressure
is more than the impulsive hydrodynamic pressure. Time history plots were made
to describe the sloshing phenomenon in the tank for various levels of the liquid.
The sloshing displacements for the one-third level of the liquid were found to be
maximum. The sloshing displacements in the horizontal direction are more than in
the vertical direction.

Keywords Elevated intze water tank · Impulsive and convective hydrodynamic
pressures · Sloshing displacement · ANSYS

1 Introduction

Elevated water tanks are constructed to store and supply the water at high pressure.
There are lot of failures that has taken place due to earthquakes. The fluid behavior has
to be analyzed. There are many approaches to evaluate the fluid-structure interaction
effects. This study wasmade by formulating the fluid as the Lagrangian element. The
behavior of liquid inside the tank during earth shaking is an important phenomenon
as it exerts hydrodynamic pressures on the tank wall and base. They have to be
analyzed for earthquake effects anddesigned accordingly.The studyoffluid-structure
interactions is necessary to find the hydrodynamic pressure distribution along the tank
height and tank base. There are mainly three finite element approaches to represent
fluid motion. Namely, Eulerian, Lagrangian, and mixed methods. In the Eulerian
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approach, velocity potential or pressure is used to describe the behavior of the fluid. In
the Lagrangian approach, the displacement field is used to express the fluid behavior.
And in mixed-method, both pressure and displacement field are used in element
formulation. In this study, fluid behavior is expressed by Lagrangian fluid element
formulation.

Adem Dogangun et al. studied the hydrodynamic pressure distribution based on
wall flexibility, the hydrodynamic pressure for flexible tanks is generally more than
that of the rigid tanks [1]. Adem Dogangun et al. did a comparative study of hydro-
dynamic pressures for different codal provisions, they found that the impulsive time
period is the difficult parameter to find, and the Eurocode 8 gives the practical formu-
lations for the impulsive period. And the lateral displacement has to be determined
to get this period [2]. Sivy martin et al. found that the hydrodynamic pressure by
using a simplified mechanical model in which the fluid is replaced by impulsive and
convective mass. The flexibility of the tank wall has an impact on impulsive liquid
mass that experiences accelerations greater than peak ground accelerations and there
is no effect on convective liquid mass and corresponding hydrodynamic pressure [3].
Kamila Kotrasova analyzed the rectangular endlessly long tank by using the finite
element method. The fluid is formulated by using arbitrary Eulerian-Lagrangian
formulation in which the two-way FSI is incorporated to account for the interaction
effects. The hydrodynamic pressure was developed in the ground-supported rect-
angular endlessly long tank during the Loma Prieta earthquake was 16.03% [4].
Sloshing can be defined as the motion of the free surface inside its container. It
is caused by any disturbances when the container is in partially filled condition.
Based on the type of disturbance and the shape of the container, there are different
types of motions as planar, non-planar, rotational, symmetric, and asymmetric. The
main problem of liquid sloshing involves the estimation of hydrodynamic pressure
distribution, forces, moments, and natural frequencies of the free liquid surface [5].

The present study describes the importance of convective hydrodynamic pressure,
the critical condition in elevated intze water tank, and the variations of sloshing
displacements and total hydrodynamic pressures in different directions for the tank
full, two-third full, and one-third full conditions for two different seismic excitations.

2 Input Ground Motion

In this study, the structure is analyzed using time history data of two different
ground accelerations, the El Centro earthquake and the Kobe earthquake. El Centro
earthquake happened in 1940 in the Imperial Valley in southeastern Southern Cali-
fornia near the international border of the United States andMexico. It had a moment
magnitude of 6.9. It was the first major earthquake that happened next to fault
rupture. Kobe earthquake happened in Japan in 1995 with a magnitude of 7. To
get the nonlinear behavior of the structure, it was analyzed for time-history data.
The seismic forces were applied along the X-direction for all the models in ANSYS
(Figs. 1 and 2).
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Fig. 1 Time history of El Centro earthquake (1940)
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Fig. 2 Time history of Kobe earthquake (1995)

3 Estimation of Hydrodynamic Pressures as per IS 1893
Part 2

The interaction of fluid on the structure causes hydrodynamic pressures, these are
impulsive and convective hydrodynamic pressures, respectively. The estimation of
these pressures has been done according to IS 1893 part 2. The results show that the
convective pressure is more than that of the impulsive pressure.

Elevated intze water tank is idealized as an equivalent cylindrical tank and
analyzed for the hydrodynamic pressures. Figure 3 shows the vertical cross-section
of the tank.

Impulsive hydrodynamic pressure on the wall

piw(y) = Qiw(y)(Ah)iρgh cosϕ

where

Qiw(y) = 0.866[1 −
( y

h

)2
tanh(0.866D/h)

D = diameter of the tank

h = depth of liquid

Maximum pressure will occur at f = 0.
Impulsive hydrodynamic pressure on the base slab
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Fig. 3 Vertical cross-section of the tank (Courtesy Livaoglu et al. [6])

Pib = 0.866(Ah)iρgh
sinh 0.866x

L

cosh 0.866l′
h

Convective hydrodynamic pressure on wall

Pcw = Qcw(y)(Ah)cρgD

[
1 − 1

3
cos2 ∅

]
cos ∅

where

Qcw(y) = 0.5625
cosh

(
3.674y

D

)

cosh
(
3.674h

D

)

Maximum pressure will occur at f = 0.
Convective hydrodynamic pressure on the base slab
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Fig. 4 Hydrodynamic
pressure variation along the
tank wall
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Pcb = Qcb(x)(Ah)cρgD

where

Qcb(x) = 1.125

[
x

D
− 4

3

(
x3

D

)]
sech

(
0.3674

h

D

)

The impulsive and convective hydrodynamic pressures along the tank wall and
base are estimated and plotted (Figs. 4 and 5).

4 Methodology

The finite element software ANSYS [7] was used to evaluate the sloshing response
of an elevated intze water tank of frame type staging. Figure 3 shows the vertical
elevation of an elevated intze tank, which was analyzed and reported in [6]. The
cross-sectional and the material properties of the water tank are shown in Tables 1
and 2.

ANSYS offers a wide variety of element libraries suitable for different applica-
tions. Each element has its own specific properties. The behavior of these elements is
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Table 1 Cross-sectional
details of various components

Component Dimension (mm)

Top dome 200 thick

Top ring beam 300 × 500

Cylindrical wall 400 thick

Bottom ring beam 450 × 600

Circular ring beam 500 × 1200

Bottom dome 200 thick

Conical dome 400 thick

Braces 350 × 1200

Columns 300 (diameter)

Table 2 Material properties Concrete M30

Poisson’s ratio: 0.15

Density: 2500 kg/m3

Modulus of elasticity: 3.2E10 N/m2

Water Density: 1000 kg/m3

Sonic velocity 1500 m/sec2

defined through the use of element real constants. Generally, there are two methods
to generate models in ANSYS, Direct generation method, and Solid modeling. Finite
element analysis is performed in ANSYS in three major steps:

(1) Building the model (Pre-processing Phase);
(2) Applying the loads and obtaining the solutions (Solution Phase);
(3) Review the results (Post Processing Phase).

To evaluate the sloshing response of the tank the fluid-structure interaction is taken
into account. During the seismic activity, the bottom portion of the liquidmassmoves
along with the tank wall which is rigidly connected to the tank called as impulsive
mass. Whereas the top portion of the liquid mass is connected to the springs which
are accountable for liquid sloshing. The FSI flag is assigned at the free surface of the
liquid in order to get the fluid-structure interaction behavior.

5 Finite Element Model of Elevated Intze Tank

ANSYS mechanical APDL was used in the present study, beams and columns were
modeled by structural 3D two-noded BEAM 188 element having 6 DOF at each
node, the container walls, raft, top, and bottom domes were modeled by 3D four-
noded structural SHELL 181 element having 6 DOF at each node, the soil medium
was modeled by 3D eight-noded structural solid BRICK 185 element having 3 DOF
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Fig. 6 Finite element model
of the tank

at each node. Fluid is modeled by 3D eight-noded acoustic fluid element FLUID 30
having 5 DOF at each node (Fig. 6).

6 Results and Discussions

A series of transient analyses was carried out for tank full, two-third full, and one-
third full conditions under El Centro andKobe earthquake data. The following results
are obtained and the corresponding time history plots were shown below.

6.1 Sloshing Displacement

Figures 7, 8, 9, and 10 show the variation of sloshing displacement in both horizontal
and vertical directions for El Centro and Kobe earthquake excitation. The sloshing
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Fig. 7 Variation of sloshing displacement in the horizontal direction for El Centro earthquake
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Fig. 8 Variation of sloshing displacement in the vertical direction for El Centro earthquake

-0.4
-0.2
0.0
0.2
0.4

0.0 5.0 10.0 15.0

Sl
os

hi
ng

 
di

sp
la

ce
m

en
t i

n 
ho

ri
zo

nt
al

 
di

re
ct

io
n,

 m

Time, sec

Tank full Two third full One third full

Fig. 9 Variation of sloshing displacement in the horizontal direction for Kobe earthquake
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Fig. 10 Variation of sloshing displacement in the vertical direction for Kobe earthquake

displacement in horizontal direction is more than the vertical direction, i.e. the tank
gives the maximum response in the applied earthquake force. The sloshing increases
with the reduction in the water level in the container as it has more free space to
accelerate (Figs. 11, 12, 13, 14, 15, and 16).



Sloshing Response of Water Tanks Under Seismic Excitation 273

-20.0

-10.0

0.0

10.0

20.0

0.0 5.0 10.0 15.0 20.0

Ac
ce

le
ra

on
 m

/s
2

Time (sec)

accelera on me history along x direc on for El Centro earthquake

Tank full

Two
third full

One
third full

Fig. 11 Variation of acceleration in the X direction for El Centro earthquake
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Fig. 12 Variation of acceleration in the Y direction for El Centro earthquake
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Fig. 13 Variation of acceleration in the Z direction for El Centro earthquake

6.2 Total Hydrodynamic Pressure

Figures 17 and 18 show the variation of total hydrodynamic pressure under El Centro,
Kobe earthquakes for tank full, two-third full, and one-third full conditions. The
maximum hydrodynamic pressure was reported in tank full condition. The variation
of total hydrodynamic pressure for two-third full and one-third full was considerably
low in the Kobe earthquake.
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Fig. 17 Variation of total hydrodynamic pressure for El Centro earthquake
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Fig. 18 Variation of total hydrodynamic pressure for Kobe earthquake

7 Conclusion

The dynamic response parameters such as the sloshing displacement, total hydro-
dynamic pressures, and the acceleration time history plots for El Centro and Kobe
earthquakes were drawn and the following conclusions are made

1. The maximum impulsive and convective hydrodynamic pressure on the tank
walls are 2.66, 7.28 kN/m2, respectively. It clearly shows the importance of
sloshing displacement in the design of the tank.

2. The sloshing displacements in applied earthquake direction (horizontal) is more
in one-third full conditionwhich is equal to 0.258m for the El Centro earthquake
and 0.268 m for the Kobe earthquake.

3. The maximum sloshing displacement in the vertical direction is more in one-
third full condition which is equal to 0.0259 m for the El Centro earthquake and
0.0258 m for the Kobe earthquake.

4. The total hydrodynamic pressure is more in tank full condition as it contains
huge liquid mass which will exert both impulsive and convective hydrodynamic
pressures.

5. The maximum hydrodynamic pressures are equal to 24,650 N/m2 for the El
Centro earthquake and 35,450 N/m2 for the Kobe earthquake.
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Seismic Response of Hill Buildings
with Base Isolation and URM Infills

Ahmed Bilal, Zaid Mohammad, and Abdul Baqi

Abstract RC frame structures resting on a hill slope exhibit diverse seismic
responses in comparison with conventional buildings built on plain ground. Due
to asymmetric structural configuration at different floor levels, the hill buildings
attract additional lateral shear force and torsionalmoments in the structuralmembers.
Further, unreinforced masonry infills play a critical role in the energy dissipa-
tion during seismic excitements and are often neglected in the seismic analysis of
buildings. Moreover, base isolation systems have also been shown to reduce the
seismic vibrations in the buildings. Thus, in the present study, the effect of unre-
inforced masonry infill panels as well as a commonly used base isolation system,
i.e. Laminated Lead Rubber Bearing (LLRB) on the seismic performance of two
hill building configurations, viz. stepback and setback-stepback, was studied. All
the configurations have been modelled using finite element software, and analysed
by Response Spectrum and Non-linear Static Pushover method. The seismic param-
eters obtained from the numerical study were discussed in terms of base shear,
fundamental time period,maximum top storey displacement and plastic hinge forma-
tion pattern in the building structure. Finally, the vulnerability and suitability of the
different configurations against earthquake were compared in along and across slope
directions.

Keywords Hill buildings · Base isolation · Laminated lead rubber bearing ·
Masonry infills

1 Introduction

Infrastructural development has considerably increased the population growth in
hilly regions. The scarcity of plain ground in hills has lead to the construction of RC
buildings on steeply sloping grounds. However, the buildings constructed on steep
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terrain show different dynamic behaviour as compared to that resting on the level
ground when subjected to earthquakes [1]. RC-framed structures in hilly areas are
commonly built in stepback and setback-stepback configuration. Buildings resting
on hill slopes have unsymmetrical structural configuration due to which the centre
of mass and centre of stiffness vary along various floors and impart twisting moment
in structural members, in addition to the lateral shear forces, when subjected to
earthquake loads. Further, due to the short column effect in hill buildings, the columns
on the uphill side exhibit higher stiffness and attract larger forces as compared to
that of the columns on the downhill side and hence, are found to be more vulnerable
to damage under earthquake loads [2].

Previous investigations have shown that a base isolation system is the most effec-
tive control measure for reducing the earthquake vibrations induced in the structural
systems [3–5]. In conventional earthquake-resistant designs of RC structures, the
capacity of the structure is increased to provide the seismic demand through adequate
reinforcement and ductility. Whereas, in a base isolation system, the dynamic prop-
erties of the building are modified in such a way that the shear demand for which
the building has to be designed is reduced. In this technique, some flexible system
is introduced between the foundation system and the column base of the structure,
which increases the damping as well as the horizontal flexibility of the building.
The fundamental time period of the RC structures is generally found in the range
of the predominant period of the earthquake ground motions which causes a high
dynamic amplification effect [6, 7]. Thus, the time period of the building can be
increased beyond 2.0 s using base isolation, which significantly brings down the
seismic demand [3]. The most common type of base isolator is the laminated lead
rubber bearing isolator, as it is found to be very effective in reducing the high accel-
erations or the high-frequency motions. These are characterized by low horizontal
stiffness to isolate the horizontal vibrations and high vertical stiffness [8, 9].

The state-of-the-art studies carried out so far, emphasized the structural behaviour
of hill buildings and frame-infill interaction in normal buildings constructed on plain
ground [1, 2]. Previous studies [10–16] show that infill panels significantly affect
the seismic behaviour of hill buildings. The presence of masonry infills usually as
partition walls and exterior coverings increases the lateral stiffness and strength
considerably under seismic loading. On the contrary, it produces torsional effects
due to irregular distribution at the same storey, soft storey effect due to differential
stiffness, and short column effect due to partial infills. But none of the previous
studies had explored the behaviour of hill buildings with base isolation systems under
earthquake loads. Moreover, IS 1893 (Part 1) has recommended to carry out three-
dimensional dynamic analysis for the buildings with geometrical, mass and stiffness
irregularity to ascertain the true response of buildings subjected to lateral loads [17].
Also, the inelastic behaviour of hill buildings should be analyzed in order to get the
true response of the structure. Thus, the present study explores the influence of a
commonly used base isolation system, i.e. Laminated Lead Rubber Bearing (LLRB)
on the seismic performance of two hill building configurations, viz. stepback and
setback-stepback, with and without masonry infill panels. All the configurations
were modelled using finite element software, and examined by employing Response
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Spectrum analysis and Non-linear Static Pushover analysis. The seismic parameters
obtained from the numerical study were discussed as variations in storey shear, base
shear, fundamental time period and plastic hinge development pattern in the building
structure. Finally, the vulnerability and suitability of the different configurations
against seismic excitations were compared.

2 Materials and Methods

The present study investigates the structural behaviour of two different types of build-
ings resting on a hill slope, viz. stepback and setback-stepback, under seismic loads.
The influence of unreinforced masonry infill panels with the introduction of lami-
nated lead rubber bearing (LLRB) base isolation system, on the seismic performance
of the considered building configurations was studied. The Response Spectrum and
Non-linear Static Pushovermethodswere employed to ascertain the seismic response
of building configurations. The obtained seismic parameters from the analyses were
compared as variation in the values of the fundamental time period, total base shear,
lateral shear force at foundation level, and plastic hinge formation in the structural
members in along as well as across hill slope direction. The elastic modulus and
Poisson’s ratio of concrete material were taken as 25,000 N/mm2 and 0.2, respec-
tively. The concrete mix and reinforcement steel were assumed as M25 and Fe500,
respectively. For seismic analysis, rigid frame diaphragm was considered in floor
systems and support conditions are assumed to be fixed at foundation level. Due
to accidental eccentricity, the torsional effects were considered in the analysis in
accordance with IS 1893 (Part 1): 2016 [17]. For non-linear analysis, plastic hinges
were allocated at the ends of all the frame elements in all the models. The load
application was considered to be displacement control in pushover analysis. When
the load was incrementally increased, structural members start to yield and lead to
failure. The members experience changes in stiffness sequentially and demonstrate
various stages as shown in Fig. 1, viz. immediate occupancy, life safety, and collapse
prevention levels [18].

Fig. 1 Force versus
deformation curve for plastic
hinge at different stages
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Fig. 2 Different building configurations with URM infills and base isolators a stepback and b
setback-stepback

Table 1 Parameters
considered in different
building configurations [11]

Geometric parameters Seismic parameters

Thickness of slab = 0.150 m Zone = V

Height of each storey = 3.5 m I = 1.5

Depth of foundation = 1.75 m R = 5

Column size = 0.23 m ×
0.50 m

Soil condition = II (i.e.
medium)

Beam size = 0.23 m × 0.50 m Live load = 3 kN/m2

2.1 Building Configuration

Overall four finite element models of stepback and setback-stepback building config-
urations were modelled with 4 bays in along as well as across the slope directions.
The un-reinforced masonry infills were introduced as an equivalent diagonal strut in
place of the masonry wall. Further, the building configurations were also analysed
with and without base isolator systems at the foundation level. The length of each
bay in along and across the slope in all the models was taken as 7 and 5 m, respec-
tively. The slope of the ground was assumed to be 27° with the horizontal (Fig. 2).
The masonry infills have been considered at the periphery of the building frames and
modelled as equivalent diagonal strut [2, 16]. The various parameters considered in
the analysis of different building configurations are mentioned in Table 1.

2.2 Modelling of Un-reinforced Masonry Infills

In RC-framed buildings, the influence of infill panels on the lateral stiffness of the
buildings under seismic loads can be represented bymodelling the infills as a diagonal
strut as shown in Fig. 2. In the present study, these diagonal struts are modelled as
diagonal truss elements allowing only three degrees of freedom (translational) per
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Table 2 Width of masonry strut

Direction H (m) Lds (m) Ef (GPa) Em (GPa) Column size
(mm)

T (m) αh wds (m)

Across Slope 3.0 6.1 25 13.8 230 × 500 0.23 3.91 0.62

Along Slope 3.0 7.8 25 13.8 230 × 500 0.23 2.55 0.95

node at each end of the element so that only axial forces are able to transfer in the strut.
The thickness and material properties of diagonal struts are kept similar to masonry
infill panels. The width of struts is calculated as per IS 1893 (Part1): 2016. The
values of different parameters taken for calculating width of the struts in along and
across the slope directions are mentioned in Table 2, and the material properties for
masonry were considered from Agarwal and Shrikhande [19] and approximated as
per IS 1905. The value of Young’s modulus of masonry is assumed as 13,800 N/mm2

and Poisson’s ratio is taken to be 0.16.

wds = 0.175 ∝−0.4
h Lds (1)

where

∝h= h

(
4

√
Emt sin 2θ

4E f Ich

)
(2)

wherewds =width of strut; Lds = length of strut; Em =Young’s modulus of masonry
panel; Ef = Young’s modulus of RC beams and columns; t = thickness of masonry
panel; θ = angle of strut with horizontal; Ic =moment of inertia of adjoining column;
h = clear height of panel.

2.3 Design of Base Isolation System

For the design of an effective base isolation system, the main requirements are;
(a) capability to carry vertical loads, (b) sufficiently low stiffness in the horizontal
direction which can increase the time period of the building to the required value,
(c) large vertical stiffness so that the amplification in the vertical direction can be
minimized, (d) sufficient damping to prevent excessive isolation level displacements
and (e) initial stiffness to prevent movement due to small vibrations [20]. While
designing a base-isolated building, the following steps are followed [3, 23]:

(i) Base isolators were designed based on the vertical load coming on them for
the specified zone and soil type.

(ii) Base isolated building was designed to achieve the desired criteria.
(iii) Finally, the design was checked using non-linear time history analysis.
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The base isolators were designed using the relationships given by Datta [3]

Kef f = W

g

4π2

T 2
b

(3)

where Keff is the effective stiffness of the base isolator, W is the maximum vertical
load under any column for the load case ‘1.2DL + 1.6LLo’ (where LLo reduced live
load) [20], Tb is the isolated time period, ‘Tb = nT ’, (where n may be taken as 3 to
4), T represents the time period for the building having a fixed base.

Ar = W/p (4)

Tr = GAr/Kd (5)

Apb = F/σpb (6)

where Tr is the thickness of one rubber layer,G is themodulus of rigidity of rubber,G
varies from 0.69 to 0.86MPa for the range of strain specified for rubber bearing, i.e. γ
=100–150%[6],Ar represents the area of rubber layer,F is the characteristic strength
calculated while determining the bilinear curve properties of the base isolator, σ pb

is the yield shear strength of the lead. σ pb has a value of 8–10 MPa [4].
In order to account for sufficient over strength, peak design earthquake forces are

used directly to design isolation system and substructure, that is, the R factor is taken
as unity for designing the isolation system and the substructure. For the design of
superstructure, the response reduction factor, RI is kept lesser than that of fixed base
building. As per FEMA P751 (2009) [21], RI is taken as three-eighth of the R factor
considered for the fixed base structure. For superstructure, RI is considered as 2. For
substructure, RI is considered as 1. In IBC 2006, 1605.2.1 [22], three load cases, are
available for design of isolators.

In this paper, hill buildings with two configurations, viz. stepback and setback-
stepback have been analysed. Base isolators were designed for both the buildings and
the responses were compared within the configurations. In order to keep the design
economical, base isolators were not provided beneath all the columns. Base isolators
were provided at supports that were at higher levels from the base supports as shown
in Fig. 2 and were subjected to higher shear forces under earthquake.

Initially, the buildings were analysed using the response spectrum method where
input spectrum was taken from IS 1893:2016 [17]. The vertical load at each column
was evaluated and the base isolator was designed individually. For example, while
designing the base isolator under an interior column for stepback-setback configura-
tion, the values of effective stiffness, design displacement and energy dissipation per
cycle have been calculated as Keff = 1800 kN/m, Δd = 0.213 m, and Wd = 49.53
kNm, respectively, from Eq. 3, for zone V and damping coefficient ξ eff = 0.15. Final
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Table 3 Bilinear properties of the isolators used

Isolator id R (kN) Keff (kN/m) Fy (kN) Ku (kN/m) Kd (kN/m)

LLRB2800 2800 1800 104 13,611 1361

LLRB2000 2000 1286 74 9722 972

LLRB1400 1400 900 52 6805 680

LLRB800 800 514 30 3888 388

Table 4 Geometric properties of the base isolators used

Geometric properties (in mm) LLRB2800 LLRB2000 LLRB1400 LLRB800

Bearing diameter 720 600 520 400

Diameter of lead core 100 95 80 60

Thickness of each rubber layer 13 13 12 12

Layers of rubber 18 18 20 20

Thickness of the plates 3 3 3 3

Thickness of end plates 25 25 25 25

Bearing height 338 338 350 350

values of parameters of the backbone curve of the base isolator have been obtained
after iterations (Table 3). Furthermore, the geometric properties have been calculated
from Eqs. 4–6 as shown in Table 4. Four sets of base isolators were designed for each
building [23]. Lumped plasticity approach was adopted for modelling non-linearity
in the beams and columns. Hinges were defined as per FEMA 356 [18]. M3 hinges
were provided for beams and P-M2-M3 hinges were provided for columns.

3 Results and Discussion

The hill building configurations with fixed and isolated foundation systems were
analysed for the seismic loads in along aswell as across slope directions including the
effect of masonry infill struts [2, 16, 17]. All models were analysed using Response
spectrum and Pushover method of analysis. The results obtained from the analysis
were evaluated in terms of the fundamental time period, total base shear, lateral shear
force values at foundation level and plastic hinge patterns in structural members, and
compared within the considered configurations.

The seismic parameters ascertained from the finite element study have been tabu-
lated in Table 5. It was observed that the earthquake performance of both hill building
configurations significantly increased with the introduction of base isolators. The
fundamental time period (FTP) of the buildings was found to be reduced. In the
case of stepback buildings, FTP in along slope direction was found to be increased
by 139.1% with the introduction of a base isolator system in place of fixed isolated
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Table 5 Seismic response of different building configurations

Building type Support type FTP by RSA (sec) Base shear (kN)

Along Across Along Across

Stepback Fixed 0.516 0.310 3822 3822

With base isolator 1.234 1.464 3043 1685

Setback-stepback Fixed 0.486 0.297 3530 3530

With base isolator 1.222 1.536 2951 1572

supports. Thevariation inFTPwas found tobe372.2% in across slopedirection. Simi-
larly, base-isolated setback-stepback buildings exhibited 151.4 and 417.2% increase
in the time period in along and across slope direction, respectively, as compared with
that of fixed supported building.

A significant amount of reduction in the total base shear values was observed in
building configurations with isolated foundation systems in both along and across
slope directions, which indicates the less shear demand attracted by the structural
members of base-isolated buildings as compared with those of fixed support systems.
After the introduction of the base isolation system in the stepback building, the base
shear values were found to be reduced to 79.6 and 44.1% in along and across slope
directions, respectively. Also, the base shear values in base-isolated setback-stepback
configurationwere found to be decreased to 83.6 and 44.5% in along and across slope
directions, respectively (Table 5). Moreover, it can be ascertained that the setback-
stepback buildings attract less base shear than the stepback configuration of the hill
buildings, thus proved to be less prone to earthquake forces. Further, it was observed
that due to the inclusion of masonry infill as a structural member in the analysis, the
dynamic response of the building has been changed as compared to a bare frame
building as studied in previous works by the same author [2].

The lateral shear force distribution in an exterior frame of the hill building config-
urations in along hill slope direction has been described in Figs. 3 and 4. It was
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Fig. 4 Shear force distribution in columns at foundation level in setback-stepback in along slope
direction

observed that the buildings with fixed support system attract lateral shear force in
columns at upper storey level due to high lateral stiffness and short overall length of
the column members. However, after the introduction of base isolators at columns
C, D and E, a significant reduction in the base shear values could be observed. Thus,
it can be concluded that the introduction of base isolation systems in hill building
configurations reduces the lateral shear demand in the structuralmemberswith higher
lateral stiffness. However, the columns at frames A and B were remained fixed to
reduce the lateral drift in the building structure, pertaining to which, the lateral shear
force at the foundations at downhill side was increased, thus increasing the shear
demand in the adjoining structural members.

Further, the stepback and setback-stepback configurations were also analysed
using nonlinear static pushover analysis. The plastic hinge pattern in structural
members of different hill building configurations with and without base isolators
was ascertained and compared in along as well as across hill slope directions at
intermediate, upper and lower storey levels (see Figs. 5 and 6). The color coding
of the hinge represents the deformation and performance behavior at various load
levels. In case of stepback configurations with fixed support systems, the plastic
hinge was first formed in columns at foundation levels due to high storey shear,
also, complete yielding of columns and the adjoining joint at upper hill frame was
observed. However, after the introduction of base isolators, the formation of hinges
at immediate occupancy level, could be observed in beams and columns in lower
storey at the downhill side. Thus, a significant decrease in the shear demand in
columns with high lateral stiffness was observed. Further, the performance of the
building in across hill slope was observed to be significantly increased with the use
of base isolators. It could be observed that the columns at uphill and downhill side
have yielded prior to beams, while base-isolated model displayed hinge formations
in fixed foundations at downhill storey only. Moreover, due to less seismic weight,
the setback-stepback configuration performed better and exhibited minimal yielding
in fixed support condition, whereas, a few members in base isolated configuration
displayed yielding only at downhill side storeys of the hill building.
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Fixed supports Base isolated supports 

(a) Along slope direction 

Fixed supports Base isolated supports 

(b) Across slope direction (Downhill side) 

Fixed supports Base isolated supports 

(c) Across slope direction (Uphill side) 

Fig. 5 Plastic hinge formation pattern in stepback building

4 Conclusion

Thepresent study investigates the earthquakeperformanceof twohill building config-
urations. The influence of unreinforced masonry infill panels and base isolators on
the seismic behaviour of stepback and setback-stepbackwas evaluated and compared
using the equivalent static and response spectrum method. It was observed that
the fundamental time period of both stepback and setback-stepback buildings was
increased significantly with the introduction of base isolators in the foundations. A
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Fixed supports Base isolated supports 

(a) Along slope direction (Intermediate frame) 

Fixed supports Base isolated supports 

(b) Across slope direction (Downhill side) 

Fixed supports Base isolated supports 
(c) Across slope direction (Uphill side) 

Fig. 6 Plastic hinge formation pattern in setback-stepback building

prominent reduction in the base shear value in along as well across hill slope direc-
tion was observed in both configurations. Further, due to the introduction of masonry
infills as equivalent strut members in the buildings, the overall shear demand was
found to be increased. Moreover, the Pushover analysis of both hill building config-
urations revealed that the plastic hinges were formed in the fixed columns at the
foundation levels. However, after the introduction of base isolators, the formation of
hinges was observed only in the columns at the downhill side storey.
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Ground Vibrations Due to Moving Load
in the Proposed Subway Tunnel Near
Kamalapur

Tahmeed M. Al-Hussaini, Mahbubah Ahmed, and Sagar Barua

Abstract Mass Rapid Transit (MRT) Line 1 is planned for the eastern part of Dhaka
city connecting the capital’s International Airport Terminal at Kurmitola with the
Main Train Station Terminal at Kamalapur. This line also has a second branch from
Future Park to Purbachal. While a significant portion of the proposed MRT Line 1
will be above ground, three significant portions will be underground: (i) Khilkhet
to Bhatara (ii) Bhatara to Bashundhara (iii) Mailbag to Kamalapur. Subway tunnel
construction for metro rail involves many unique geotechnical design considera-
tions such as the effects of fast-moving trains in an underground tunnel on adjacent
property. The resulting vibrations can be the subject of legal complaints by owners
of buildings in the immediate vicinity. The primary objective of this paper is to
perform a numerical study to have an impression of the ground vibrations gener-
ated in the surrounding soils due to moving loads in an underground tunnel near the
Kamalapur Railway Station. A numerical model is created using the finite element
software PLAXIS 3D for moving load on rails in an embedded tunnel in an idealized
soil profile. Numerical analysis is performed for a two-wagon train running on an
underground tunnel at various depths.

Keywords Subway tunnel · Ground vibrations · Dynamic moving loads · FEM

1 Introduction

Underground railway technology being introduced in mid of the nineteenth century
has become an integral part of the transportation system worldwide with the rapid
development of urban modernization. But, along with bringing comfort and ease in
public transport, on another side, the metro subway tunnel has become a significant
concern regarding environmental issues. A wide range of studies has concluded that
significant vibrations are induced by the passage of underground trains sometimes
exceeding the tolerance level of residents living in adjacent buildings [1]. This kind of
vibration has been listed as one of the seven significant environmental hazards in the

T. M. Al-Hussaini (B) · M. Ahmed · S. Barua
Bangladesh University of Engineering and Technology, Dhaka 1000, Bangladesh

© The Author(s), under exclusive license to Springer Nature Singapore Pte Ltd. 2022
T. G. Sitharam et al. (eds.), Earthquakes and Structures, Lecture Notes
in Civil Engineering 188, https://doi.org/10.1007/978-981-16-5673-6_23

291

http://crossmark.crossref.org/dialog/?doi=10.1007/978-981-16-5673-6_23&domain=pdf
https://doi.org/10.1007/978-981-16-5673-6_23


292 T. M. Al-Hussaini et al.

world [2]. With the advancement of computer-based software, numerical analysis
is commonly used to predict ground-borne vibrations due to fast-moving trains.
Different numerical techniques havebeen adoptedbyvarious researchers for studying
this three-dimensional problem of wave propagation, finite element method (FEM)
is one of them. Singh and Seth [3] have shown that this kind of modeling can be
effectively simulated in 3D FEM.

The Government of Bangladesh is implementing the Mass Rapid Transit (MRT)
project as part of its transportation solutions for the capital city of Dhaka, which is
overburdened by high population density and severe traffic congestions. The project
consists of several MRT railway lines [4] consisting of both elevated and under-
ground portions. This paper is concerned with the underground portion of MRT line
1 near Kamalapur Railway Station. A numerical study is conducted to study the
wave propagation problem caused by underground railways using the finite element
method software PLAXIS 3D. To the best of the authors’ knowledge, this study is a
first attempt to have an impression on the ground vibrations generated by proposed
subway traffic in Dhaka city.

2 Site Parameters

2.1 Site Location

The 26.5 km long MRT line-1 has been planned to be constructed with three
underground portions, represented by orange lines in Fig. 1. This line will connect
Kamalapur Railway Station with the International Airport at Kurmitola and will also
have another branch Bhatara to Purbachal. The three underground branches are: (i)
Khilkhet to Bhatara, (ii) Bhatara to Bashundhara, and (iii) Mailbag to Kamalapur.
This study is dealing with an area near Kamalapur Railway Station.

2.2 Soil Stratigraphy

Borehole data are obtained from the preliminary study report [5]. As part of the
geotechnical investigations, a total of 41 borings have been drilled along the route
of MRT Line-1. Borehole BH-01, drilled to a depth of 45 m, is near the Kamalapur
railway station, as such soil data from BH-01 is considered in this study. The subsoil
information shows that there is 7.5 m of grayish brown medium stiff to very stiff
clay on top of 3 m sandy silt layer. Below the sandy silt layer, 13.5 m of silty sand
overlies firm support (N > 50) consisting of very dense sand or hard clay. Shear wave
velocities are estimated from SPT values of BH-01 using empirical relations given
by the Japan Road Association [6]. For this study, the soil profile has been divided
into 11 layers, the corresponding soil properties are shown in Table 1.
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Fig. 1 Layout plan of MRT Line 1

Table 1 Soil parameters for different layers

Layer no Depth (m) Unit Weight (kN/m3) Poisson’s ratio Shear wave velocity (m/sec)

1 0–1.5 18.9 0.4 200

2 1.5–7.5 19.6 0.4 241

3 7.5–10.5 19.0 0.33 221

4 10.5–18 17.3 0.3 249

5 18–24 19.6 0.3 274

6 24–30 22.0 0.3 304

7 30–34 20.8 0.3 285

8 34–35 22.0 0.3 299

9 35–36 18.9 0.3 267

10 36–40.5 22.0 0.4 276

11 40.5–44 22.0 0.3 313
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3 Numerical Analysis Under Moving Load

3.1 Numerical Model

A 30 m × 60 m × 44 m domain (Fig. 2) is considered in the numerical model for
underground tunnel embedded in a layered soil medium with PLAXIS 3D. For the
soil model, 1% hysteretic damping is considered. Dynamic load changing in time
and location corresponding to two wagon train axle loads moving at speed 72 km/h
is assigned on the rail track. The 7 m diameter tunnel is assumed to have a lining
thickness of 0.3 m. High-strength concrete (fc’ = 7000 psi) is considered for the
tunnel lining. The rails used are UIC60A. Concrete sleepers are modeled with a
base thickness of 250 mm and a height of 150 mm, with a length of 2.6 m. In
this FEM model, the soil is modeled using 10-noded tetrahedral elements, the rails
and sleepers are modeled using 3-noded beam elements, the tunnel is modeled with
orthotropic 6-noded plate elements. The viscous boundary condition is applied at
domain boundaries.

For introducing moving trainload, the X52 commuter train model [7] is consid-
ered, which consists of two wagons with a total length of 54 m and a load of 185
kN/axle. Figure 3 illustrates the configuration of axles and bogies of the train. Its
speed is considered to be 72 km/hr. In terms of dynamics, a moving load changes its
point of application with time compared to a static load, which is very different from
a dynamic load that does not change its point of application. The dynamic load of

Fig. 2 PLAXIS 3D model of subway tunnel
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Fig. 3 X52 commuter train

this moving train is modelled using static point load and its corresponding dynamic
multiplier. A pair of point loads, representing the wheels, together distribute the axle
load. Rail spacing is 0.6 m. To simulate a train passage with 72 km/hr speed, the
pairs of point loads are activated and deactivated in turn. Details of the numerical
modeling are described by Ahmed [8].

3.2 Validation of PLAXIS 3D Model

To check the accuracy of the numerical model of moving train load developed with
PLAXIS 3D, an example of a commuter train running at the ground surface is selected
from the published literature. Comparison is done with field measurements [7] of
track-bed acceleration over a buried culvert about 40kmnorth of Stockholm,Sweden.
Figure 4 presents a comparison of numerical results computed by PLAXIS 3D with
the field measurements. It is observed that there is a fair agreement between the field
measurements and the FEM results of the time history of track-bed acceleration.
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Fig. 4 Validation of PLAXIS 3D analysis for measured track-bed acceleration [7]
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4 Numerical Results

Theoretically, ground vibration can be expressed either in terms of displacement,
velocity, or acceleration. However, the response of humans, buildings, and equipment
to vibrations can be more accurately described in terms of velocity or acceleration.
As such, the ground-borne vibrations herein will be represented as acceleration on a
logarithmic scale in decibels according to International Standard [9].

Figures 5, 6, and 7 present the free-field vibrations (at the ground surface) in X,
Y, and Z directions (Fig. 2), respectively due to moving train (Sect. 3.1) in subway
tunnel as a function of distance from the tunnel center line. Results are presented for
three different depths of tunnel top (5, 8, and 11 m). The vibration level of the ground
surface decreases with an increase in tunnel depth as expected. Wave Interference
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Fig. 5 Free-field horizontal vibration (in the direction of the tunnel) at various distances from
tunnel centerline for subway train at three different depths

50

60

70

80

90

100

-30 -20 -10 0 10 20 30

V
ib

ra
tio

n 
(d

B
)

Distance from Tunnel Center (m)

5 m Depth 8 m Depth 11 m Depth

Fig. 6 Free-field horizontal vibration (perpendicular to the tunnel) at various distances from tunnel
centerline for subway train at three different depths
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Fig. 7 Free field vertical vibration at various distances from tunnel centerline for subway train at
three different depths

effects from waves generated from different points of the tunnel result in variation of
vibration at ground level. Ground surface vibrations for different depths of tunnels
can reach 70–90 dB. Even at distances of 25 m, vibrations may reach 75–85 dB,
which is quite significant.

The maximum horizontal vibration (90 dB) is in a direction (Y dir) perpendicular
to the tunnel length as shown in Fig. 6, which is in agreementwith fieldmeasurements
from published literature. This exceeds the safe vibration limit for human beings
(85 dB) [10].

Figure 8 presents the vibration within the soil at points located at 2 and 4 m
depth from the ground surface and 20 m distance from the tunnel center line. These
are possible locations for shallow foundations or basement of nearby buildings.
Vibrations at these locations range from 74 to 83 dB which can be significant enough
to cause complaints.
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Fig. 8 Ground vibration at 2 and 4 m depths at a distance of 20 m from tunnel centerline due to
subway train at three different depths
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5 Conclusions

This paper presents preliminary results on ongoing researchwork for the prediction of
ground vibrations caused by proposed undergroundmetro Line 1 near the Kamalapur
Railway Station in Dhaka city. Numerical analysis has been conducted using the
three-dimensional FEM software PLAXIS 3D, simulating a two-wagon trainmoving
at a speed of 72 kmph in a subway tunnel. Numerical results indicate that ground
surface vibrations reducewith increased tunnel depth. Significant free field vibrations
in the range of 70–90 dB can be caused by the train, exceeding the safe vibration
limit for human beings (85 dB), and also exceeding tolerance limits for human
discomfort. Significant vibrations are also induced at depths of 2 and 4 mwhich may
affect adjacent structures at those depths.
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SSI Effects on the Behavior
of a Low-Rise RC Framed Building
Including Foundation

Shivi Nigam, Meenu Sunil, Neha, and Navjeev Saxena

Abstract The process of soil response influencing the motion of the structure and
vice versa is termedas soil-structure interaction.Conventionally, SSI has been consid-
ered to pose beneficial effects on the seismic response of a structure because of
causing the structure to be more flexible resulting in an increased natural period and
enhanced effective damping ratio. These modifications suggest a reduction in base
shear demand for a structure as compared to its fixed-base counterpart. This study
presents analyses of four-storeyed ordinary RC framed structures assuming the base
of the column as fixed and supported on stiff, medium and soft soil springs. The study
also includes isolated rectangular concrete footing fixed at the base and supported
on the same springs as used in the structure. The results are somewhat different than
the assumption of fixed-base analyses being always conservative. The study also
suggests appropriate modeling to capture maximum response in structural members.

Keywords Soil-structure interaction · SSI · Dynamic · Earthquake · Seismic ·
Frame · Concrete · Foundation

1 Introduction

The process of soil response influencing the motion of the structure and vice versa
is termed as soil-structure interaction (SSI). It is a phenomenon which comprises
various mechanisms leading to the interdependence of soil and structural displace-
ments. These mechanisms broadly fall under either the kinematic or inertial compo-
nent of SSI. Roesset [1] and Kausel [2] presented reviews of the early-stage devel-
opments in the field of soil-structure interaction. In addition to the two compo-
nents of SSI—kinematic and inertial, Roesset also discussed direct and substructure
approaches to perform SSI analyses. Kausel presented chronological development in
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SSI, starting from fundamental solutions (commonly termed as Green’s functions)
devised by mathematicians and scientists way back in the early nineteenth century.
Kausel initiated the development of a substructure approach to solve SSI problems.

Conventionally SSI has been considered to pose beneficial effects on the seismic
response of a structure. The usual reasoning provided in this regard is that consid-
ering SSI makes a structure more flexible, increases its natural period and enhances
its effective damping ratio. These modifications suggest a reduction in base shear
demand for a structure as compared to its fixed-base counterpart. With such assump-
tions, SSI has usually been disregarded by designers to reduce the complications
involved in analyses. However, observations from many earthquake-damaged sites
tell a different story. Noticeable instances include damage in a number of pile-
supported bridge structures in the 1989LomaPrieta earthquake as cited byYashinsky
[3] and the collapse of Hanshin Expressway Route 3 (Fukae section) in the 1995
Kobe earthquake as investigated by Mylonakis and Gazetas [4]. Further, Badry and
Satyam [5] obtained SSI analysis for asymmetrical buildings supported on a piled
raft which got damaged during the 2015 Nepal earthquake. They observed that detri-
mental effects of SSI can be greatly intensified by the asymmetry in the geometry of
superstructures. These observations suggest that the traditional belief of SSI being
ever-beneficial does not stand good for all structures on all soil conditions [6].

Ciampoli and Pinto [7] identified structure-to-soil stiffness ratio and aspect ratio
of structures to be regulating the phenomenon. Nguyen et al. [8, 9] established the
significance of foundation characteristics, viz., footing size in shallow foundations,
pile size and load-bearing mechanism in pile foundations on seismic response of
structure-soil systems. The possibility of differential settlement arising out of soil
flexibility has been remarked by Raychowdhury [10] for low-rise steel moment-
resisting framed buildings. She also concluded that SSI needs to be tackled more
critically for heavily loaded footings owing to high inertial effects. This suggests a
need to develop a rational basis for seismic design incorporating SSI.

Further, Jarernprasert et al. [11] studied the effects of SSI on the response
of yielding single-storey structures embedded in an elastic half-space to a set of
accelerograms representative of diverse geology. Unlike elastic structures, SSI may
lead to an increase in ductility demands and total displacements in the case of inelastic
structures.Aydemir [12] studied soil-structure interaction effects on structural param-
eters for stiffness degrading systems built on soft soil sites and found smaller strength
reduction factors for interacting systems than those for corresponding fixed-base
systems. This implies that neglecting SSI may result in an unconservative design.

Dutta and Roy [13] presented a critical review of idealization and modeling for
interaction amongvarious components of the soil-foundation-structure system.These
modeling strategies are broadly classified as discrete and continuum depending on
elements used at the structure-soil interface. In discrete modeling, springs and dash-
pots are usually used as interface elements. On the other hand, continuum modeling
is achieved using either finite element or boundary element methods.

Vaseghiamiri et al. [14] proposed a novel probabilistic approach to account for
SSI in the seismic design of building structures. In this approach, an SSI response
modification factor is introduced to capture SSI effects on the seismic performance
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of structures. The proposed procedure quantifies factors such that the probability
distribution of the collapse capacity of the structure designed to account for SSI
concurs with that of the structure designed using the default fixed-base provisions.
It is employed for special steel moment frame buildings (3–15 storey) with surface
foundation. Tomodel the superstructure, a surrogate SDOF systemwith amultilinear
backbone curve is used that represents the nonlinear response of the actual structure
oscillating according to its fundamental mode of vibration. A lumped-parameter
mass-spring-dashpot model representing a rigid disk foundation on a uniform half-
space is used to represent the soil-foundation system. The results indicate that no
reduction in the design base shear is advisable for structures located on moderately
soft to firm soils with shear wave velocities above 150 m/s. This conclusion is at
odds with the current prescription of SSI provisions of seismic design code, which
allow some reduction in the design base shear for such buildings.

This study presents analyses of a four-storeyed ordinary framed structure
assuming the base of the column as fixed as well as supported on stiff, medium
and soft soil springs. The study also includes isolated rectangular concrete footing
(with two sizes to transfer uniform load on supports) fixed at the base as well as
supported on the same springs as used in the structure alone. The results are some-
what different than the assumption of the fixed-base analyses being always conser-
vative. The study also suggests appropriate modeling to capture maximum response
in structural members.

2 Modeling and Analyses

A typical four-storeyed ordinary moment-resistant framed building has been consid-
ered for the study. The details of the building are as follows:

• Grade of concrete used is M20 and grade of steel used is Fe415.
• Weight density of concrete is 25 kN/m3 and that of masonry is 20 kN/m3.
• Floor-to-floor height is 3.1 m.
• Plinth height above GL is 0.55 m.
• Depth of Foundation is 0.65 m below GL.
• Parapet height is 1.5 m.
• Slab thickness is 150 mm.
• External wall thickness is 230 mm and internal wall thickness is 150 mm.
• Size of columns is 300 mm × 450 mm and size of beams 300 mm × 450 mm.
• Live load on floor is 3 kN/m2 and Live load on roof is 1.5 kN/m2.
• Floor finish is 1 kN/m2 and roof treatment is 1.5 kN/m2.
• The building is located in Seismic Zone IV.
• Importance Factor is taken as 1.
• Building frame type is Moment Resting Frame (MRF).
• Damping for concrete and masonry is considered as 5%.
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Table 1 Model parameters Description Modulus of elasticity (MPa) Poisson’s ratio

Concrete 22,360 0.15

The behavior of the materials has been assumed to be elastic. The foundation of
columns is considered to be made of M20 concrete rectangular pedestal of thickness
0.6 m. The structure has been modeled in SAP2000.

The models have incorporated linear soil springs representing Type-I, Type-II
and Type-III soils with their modulus of subgrade reaction as 90,000, 30,000 and
15,000 kN/m3, respectively [15]. The beams and columns have been modeled as
frame elements. For each soil type, 4 models were developed where for soil Type-I,
A1 represents structure fixed at column base, A2 has soil spring below the columns,
A3 has foundation below the column fixed at the base and A4 has foundation below
the column supported on the same soil springs. Similarly, B1, B2, B3 and B4 models
consider soil Type-II, and C1, C2, C3 and C4 models consider soil Type-III. The
other model parameters considered are shown in Table 1.

The three-dimensional models of A1, A2, A3 and A4 are shown in Fig. 1. The
Models B1–B4 and C1–C4 look alike in appearance. The minimum depth of foun-
dation should be more than 1.0 m as per NBC Clause 7.4.1.5 of Part 6, Sect. 2 [15].
In this study, it has been considered as 1.8 m up to the base of the isolated footing.
The foundation has been added as a frame element of length 0.6 m with section sizes
of 1.8 × 4.8 m and 1.7 × 3.5 m to apply a uniform load below it. The 1.8 × 4.8 m
foundation is placed below the middle eight columns and 1.7 × 3.5 m foundation
below the outer columns all in the Y-direction.

The response spectrum analyses have been carried out on these models with the
load combinations as per IS1893 [16] shown in Table 2. The last mode considered
for the response belongs to have 34 Hzs frequency. The results have been obtained
for the envelop case of these combinations.

3 Results and Discussion

The structures are generally designed assuming their base is fixed. In reality, all the
structures have a foundation which is supported on soil. So, in this discussion, the
emphasis has been given to know the models capturing the maximum response along
with a comparison with the response obtained from fixed-base analyses.

3.1 Dynamic Characteristics and Base Shear of the Models

The dynamic characteristics and base shear induced in all models are shown in
Table 3. The fundamental time period of fixed-base models is 0.789 s. The maximum
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A3 A4

A1 A2

Fig. 1 Three-dimensional models of the framed building: A1—Column fixed at the base, A2—
Column supported on springs, A3—Foundation fixed at the base, and A4—Foundation supported
on springs

percent (%) increase of periods compared to fixed-basemodels are 8.9(A4), 35.3(B4)
and 64.8(C4), respectively. The increases in peak values with soils Type-II and Type-
III compared to Type-I are 24.3 and 51.2%, respectively.

The base shear of fixed-base models in the X-direction are 452.5(A1), 615.3(B1)
and 755.6(C1) kN. The maximum values out of all models are 541.2(A3), 736.1(B3)
and 903.9(C3) kN. It is found to be lesser with A2, B2, B4, C2 and C4 compared
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Table 2 Load combinations considered in analyses

1. 1.5DL

2. 1.5(DL + LL)

3. 1.2(DL + LL + EQx)

4. 1.2(DL + LL + EQy)

5. 1.2(DL + LL-EQx)

6. 1.2(DL + LL-EQy)

7. 1.5(DL + EQx)

8. 1.5(DL-EQx)

9. 1.5(DL + EQy)

10. 1.5(DL-EQy)

11. 0.9DL + 1.5(EQx)

12. 0.9DL-1.5(EQx)

13. 0.9DL + 1.5(EQy)

14. 0.9DL-1.5(EQy)

15. 1.2(DL + LL + response spectrum-XY)

16. 1.5(DL + response spectrum-XY)

17. 0.9DL + 1.5 response spectrum-XY

18. Envelope load case

Table 3 Dynamic characteristics and base shear of the models

Models First mode (s) Second mode (s) Third mode (s) Base shear—X
(kN)

Base shear—Y
(kN)

A1 0.789 0.726 0.626 452.5 491.7

A2 0.858 0.842 0.695 424.0 415.7

A3 0.789 0.726 0.626 541.2 588.1

A4 0.859 0.842 0.695 506.8 496.7

B1 0.789 0.726 0.626 615.3 668.7

B2 1.064 0.939 0.780 516.8 456.2

B3 0.789 0.726 0.626 736.1 799.8

B4 1.068 0.942 0.783 616.0 543.6

C1 0.788 0.725 0.626 755.6 821.2

C2 1.290 1.070 0.865 556.8 461.8

C3 0.788 0.725 0.626 903.9 982.4

C4 1.299 1.079 0.874 660.5 548.9
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to fixed-base models. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 36.0 and 67.0%, respectively. The base shear of fixed-base
models in theY-direction are 491.7(A1), 668.7(B1) and821.2(C1) kN.Themaximum
values out of all models are 588.1(A3), 799.8(B3) and 982.4(C3) kN. It is found to
be lesser with A2, B2, C2 and C4 compared to fixed-base models. The increases in
peak values with soils Type-II and Type-III compared to Type-I are 36.0 and 67.1%,
respectively.

It is found that in general there is an increase in the fundamental time period in
all SSI systems. The models with foundation fixed at the base have maximum base
shear in both the directions.

3.2 Peak Joint Displacements of the Models

The peak joint displacements in X-, Y- and Z-directions of the fixed-base model A1
are 23.1, 23.3 and 2.9 mm, respectively. The corresponding displacements of B1 are
31.5, 31.7 and 2.9 mm and those for C1 are 38.6, 38.9 and 3.0 mm. The percent (%)
increase in peak joint displacements of A4 are 24.7, 37.8 and 489.7 compared to A1,
B4 are 35.1, 65.2, and 1454.1 compared to B1 and those for C4 are 48.3, 94.3 and
2722.4 compared to C1. The percentage increases in peak values with soils Type-II
and Type-III compared to Type-I are 47.8 and 98.7 in X, 63.1 and 135.5 in Y and
163.6 and 395.2 in Z directions, respectively (Table 4).

It is found that in general the displacements have increased in SSI systems but the
increase is more pronounced in the Z-direction.

Table 4 Joint displacements
of the models

Models X (mm) Y (mm) Z (mm)

A1 23.1 23.3 2.9

A2 24.5 27.2 14.9

A3 27.3 27.4 2.9

A4 28.8 32.1 17.1

B1 31.5 31.7 2.9

B2 36.2 44.6 38.1

B3 37.1 37.3 2.9

B4 42.6 52.4 45.1

C1 38.6 38.9 3.0

C2 48.9 64.5 71.2

C3 45.5 45.8 3.1

C4 57.2 75.6 84.7
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3.3 Peak Responses in Columns of the Models

The peak responses in columns are shown in Table 5. The peak axial forces of fixed-
base models are 1172.2(A1), 1195.6(B1) and 1249.9(C1) kN. The maximum peak
values out of all models are 1172.2(A3), 1238.0(B3) and 1301.9(C3) kN, which are
0, 3.5 and 4.2% higher compared to A1, B1 and C1, respectively. It is found to be
lesser in A2, A4, B2, B4, C2 and C4 compared to fixed-base models. The increases
in peak values with soils Type-II and Type-III compared to Type-I are 5.6 and 11.1%,
respectively.

The peak shear force of fixed-base models is 88.7(A1), 119.0(B1) and
145.2(C1) kN. Themaximumpeak values out of all models are 104.9(A3), 141.1(B3)
and 172.3(C3) kN, which are 18.3, 18.6 and 18.7% higher compared to A1, B1 and
C1, respectively. It is found to be lesser in A2, A4, B2, B4, C2 and C4 compared
to fixed-base models. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 34.5 and 64.3%, respectively.

The peak bending moments of fixed-base models are 129.5(A1), 174.8(B1) and
213.9(C1) kN m. The maximum peak values out of all models are 153.5(A3),
207.5(B3) and 254.1(C3) kN m, which are 18.5, 18.7 and 18.8% higher compared
to A1, B1 and C1, respectively. It is found to be lesser in A2, A4, B2, B4, C2 and
C4 compared to fixed-base models. The increases in peak values with soils Type-II
and Type-III compared to Type-I are 35.2 and 65.5%, respectively.

The peak torsional moments of fixed-base models are 0.8(A1), 1.0(B1) and
1.3(C1) kN m. The maximum peak values out of all models are 1.2(A4), 2.5(B3)
and 4.0(C3) kN m, which are 50.0, 149.4 and 208.1% higher compared to A1, B1
and C1, respectively. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 107.8 and 233.8%, respectively.

Table 5 Peak response of columns of the models

Models Axial force (kN) Shear force (kN) Bending moment
(kN m)

Torsional moment
(kN m)

A1 1172.2 88.7 129.5 0.8

A2 1095.6 63.1 108.2 1.0

A3 1172.2 104.9 153.5 0.9

A4 1107.8 75.4 129.0 1.2

B1 1195.6 119.0 174.8 1.0

B2 1064.6 84.6 145.8 2.1

B3 1238.0 141.1 207.5 1.2

B4 1079.7 100.7 173.2 2.5

C1 1249.9 145.2 213.9 1.3

C2 1029.9 96.1 167.0 3.4

C3 1301.9 172.3 254.1 1.5

C4 1037.9 113.8 197.5 4.0
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It is found that models with foundation fixed at the base have maximum axial
force, shear force and bending moments. The models with foundations supported on
springs have maximum torsional moments.

3.4 Peak Responses in Beams of the Models

The peak responses in beams are shown in Table 6. The peak axial forces of fixed-
base models are 11.1(A1), 12.5(B1) and 14.6(C1) kN. The maximum peak values
out of all models are 21.2(A4), 43.1(B4) and 60.7(C4) kN, which are 91.0, 244.7
and 315.5% higher compared to A1, B1 and C1, respectively. The increases in peak
values with soils Type-II and Type-III compared to Type-I are 103.2 and 186.2%,
respectively.

The peak shear forces of fixed-base models are 141.2(A1), 183.6(B1) and
220.1(C1) kN. Themaximumpeak values out of all models are 163.1(A3), 213.3(B3)
and 256.7(C3) kN, which are 15.5, 16.2 and 16.6% higher compared to A1, B1 and
C1, respectively. It is found to be lesser in A2, A4, B2, B4, C2 and C4 compared
to fixed-base models. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 30.8 and 57.4%, respectively.

The peak bending moments of fixed-base models are 155.0(A1), 197.0(B1) and
237.3(C1) kN m. The maximum peak values out of all models are 174.3(A3),
229.9(B3) and 277.7(C3) kN m, which are 12.5, 16.7 and 17.0% higher compared to
A1, B1 and C1, respectively. It is found to be lesser in A2, B2, C2 and C4 compared
to fixed-base models. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 31.9 and 59.3%, respectively.

Table 6 Peak response of beams of the models

Models Axial force (kN) Shear force (kN) Bending moment
(kN m)

Torsional moment
(kN m)

A1 11.1 141.2 155.0 2.5

A2 18.8 115.0 149.1 2.4

A3 11.5 163.1 174.3 2.9

A4 21.2 130.3 164.1 2.8

B1 12.5 183.6 197.0 3.3

B2 38.0 126.5 181.6 2.8

B3 14.2 213.3 229.9 3.9

B4 43.1 136.2 205.3 3.2

C1 14.6 220.1 237.3 4.0

C2 54.5 135.3 202.6 2.9

C3 16.8 256.7 277.7 4.7

C4 60.7 146.3 229.5 3.3
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The peak torsional moments of fixed-base models are 2.5(A1), 3.3(B1) and
4.0(C1) kNm. The maximum peak values out of all models are 2.9(A3), 3.9(B3) and
4.7(C3) kN m, which are 16.0, 18.2 and 17.5% higher compared to A1, B1 and C1,
respectively. It is found to be lesser in A2, B2, B4, C2 and C4 compared to fixed-base
models. The increases in peak values with soils Type-II and Type-III compared to
Type-I are 34.5 and 62.1%, respectively.

It is found that models with foundation fixed at the base have maximum shear
force, bending moments and torsional moments. The models with foundations
supported on springs have maximum axial force.

4 Conclusions

The study has been carried out on a four-storeyed ordinary framed structure. It has
been analyzed with a base of the column as fixed and supported on stiff, medium
and soft soil springs. The structure has also been analyzed considering isolated rect-
angular concrete footing (with sizes to transfer uniform load on supports) fixed at
the base and supported on the same springs as used in the structure. Considering
the structure to be in seismic zone IV, response spectrum analyses were carried out
combining until the last mode with 34 Hzs frequency. The peak values of modal time
periods, base shear, joint displacements, axial force, shear force, bending moment
and torsional moment in both columns and beams were presented. The following
conclusions have been drawn about SSI effects compared to fixed-base analyses:

• There is an increase in the fundamental timeperiod in all SSI systems. The increase
in peak values with soils Type-II and Type-III compared to Type-I have been
computed to be 24.3 and 51.2%, respectively. This increase is due to SSI systems
getting flexible from soils Type-I to Type-III.

• Themodelswith foundation fixed at the base havemaximumbase shear in both the
directions. The increase in peak values with soils Type-II and Type-III compared
to Type-I have been computed to 36.0 and 67.1%, respectively due to higher
spectral acceleration in the models.

• In general the displacements have increased in SSI systems. The percentage
increases in peak values with soils Type-II and Type-III compared to Type-I are
47.8, 98.7 in X, 63.1 and 135.5 in Y and 163.6, 395.2 in Z directions. Thus, the
increase is more pronounced in the Z (vertical) direction. This increase is due to
SSI systems getting flexible from soils Type-I to Type-III.

• The models with foundation fixed at the base have maximum axial force, shear
force and bendingmoment in columns. The increases in peak values, respectively,
with soils Type-II and Type-III compared to Type-I are 5.6, 11.1% in case of axial
force, 34.5, 64.3% in case of shear force and 35.2, 65.5% in case of bending
moment due to the highest base shear in the models.
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• The models with foundation restrained by springs have maximum torsional
moments in columns with small magnitude. The increases in peak values, respec-
tively, with soils Type-II and Type-III compared to Type-I are 107.8 and 233.8%.
This may be due to the system being flexible about the vertical direction due to
soil springs.

• Themodels with foundation fixed at the base have maximum shear force, bending
moment and torsional moment in beams. The increases in peak values, respec-
tively, with soils Type-II and Type-III compared to Type-I are 30.8 and 57.4%
in case of shear force, 31.9 and 59.3% in case of bending moment and 34.5 and
62.1% in case of torsional moment due to the highest base shear in the models.

• The models with foundation restrained by springs have maximum axial force in
beams. The increases in peak values, respectively, with soils Type-II and Type-III
compared to Type-I are 103.2 and 186.2%. This may be due to the system being
flexible in the horizontal plane due to soil springs.

Thus, the study infers that models with foundation fixed at the base cause
maximum axial force, shear force and bending moment in columns and also
maximum shear force, bending moment and torsional moment in beams. The SSI
modelswith foundations restrained by soil springs causemaximum torsionalmoment
in columns and maximum axial force in beams.
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SSI Effects on the Behavior
of a Low-Rise Load Bearing Masonry
Building Including Foundation

Meenu Sunil, Neha, Shivi Nigam, and Navjeev Saxena

Abstract The process of soil response influencing the motion of the structure and
vice versa is termedas soil-structure interaction.Conventionally, SSI has been consid-
ered to pose beneficial effects on the seismic response of a structure because of
causing the structure to be more flexible resulting in the increased natural period and
enhanced effective damping ratio. These modifications suggest a reduction in base
shear demand for a structure as compared to its fixed-base counterpart. This study
presents the analyses of a four-storeyed load-bearing brick masonry building. It has
been analyzed with the base of the walls as fixed and supported on stiff, medium
and soft soil springs. The structure has also been analyzed considering stepped brick
masonry strip footing fixed at the base and supported on the same springs as used in
the structure. The results are somewhat different than the assumption of fixed-base
analyses being always conservative. The study also suggests appropriate modeling
to capture maximum response in structural members.

Keywords Soil-structure interaction · SSI · Dynamic · Earthquake · Seismic ·
Masonry · Concrete · Foundation

1 Introduction

The process of soil response influencing the motion of the structure and vice
versa is termed as soil-structure interaction (SSI). It is a phenomenon which
comprises various mechanisms leading to the interdependence of soil and structural
displacements. These mechanisms broadly fall under either the kinematic or inertial
component of SSI. Roesset [1] and Kausel [2] presented reviews of the early-stage
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developments in the field of soil-structure interaction. In addition to the two compo-
nents of SSI—kinematic and inertial, Roesset also discussed direct and substructure
approaches to perform SSI analyses. Kausel presented chronological development in
SSI, starting from fundamental solutions (commonly termed as Green’s functions)
devised by mathematicians and scientists way back in the early nineteenth century.
Kausel initiated the development of a substructure approach to solve SSI problems.

Conventionally, SSI has been considered to pose beneficial effects on the seismic
response of a structure. The usual reasoning provided in this regard is that consid-
ering SSI makes a structure more flexible, increases its natural period and enhances
its effective damping ratio. These modifications suggest a reduction in base shear
demand for a structure as compared to its fixed-base counterpart. With such assump-
tions, SSI has usually been disregarded by designers to reduce the complications
involved in analyses. However, observations from many earthquake-damaged sites
tell a different story. Noticeable instances include damage in a number of pile-
supported bridge structures in the 1989LomaPrieta earthquake as cited byYashinsky
[3] and the collapse of Hanshin Expressway Route 3 (Fukae section) in the 1995
Kobe earthquake as investigated by Mylonakis and Gazetas [4]. Further, Badry and
Satyam [5] obtained SSI analysis for asymmetrical buildings supported on a piled
raft which got damaged during the 2015 Nepal earthquake. They observed that detri-
mental effects of SSI can be greatly intensified by the asymmetry in the geometry of
superstructures. These observations suggest that the traditional belief of SSI being
ever-beneficial does not stand good for all structures on all soil conditions [6].

Ciampoli and Pinto [7] identified structure-to-soil stiffness ratio and aspect ratio
of structures to be regulating the phenomenon. Nguyen et al. [8, 9] established the
significance of foundation characteristics, viz., footing size in shallow foundations,
pile size and load-bearing mechanism in pile foundations on seismic response of
structure-soil systems. The possibility of differential settlement arising out of soil
flexibility has been remarked by Raychowdhury [10] for low-rise steel moment-
resisting framed buildings. She also concluded that SSI needs to be tackled more
critically for heavily loaded footings owing to high inertial effects. This suggests a
need to develop a rational basis for seismic design incorporating SSI.

Further, Jarernprasert et al. [11] studied the effects of SSI on the response
of yielding single-storey structures embedded in an elastic half-space to a set of
accelerograms representative of diverse geology. Unlike elastic structures, SSI may
lead to an increase in ductility demands and total displacements in the case of inelastic
structures.Aydemir [12] studied soil-structure interaction effects on structural param-
eters for stiffness degrading systems built on soft soil sites and found smaller strength
reduction factors for interacting systems than those for corresponding fixed-base
systems. This implies that neglecting SSI may result in an unconservative design.

Dutta and Roy [13] presented a critical review of idealization and modeling for
interaction among various components of the a soil-foundation-structure system.
Thesemodeling strategies are broadly classified as discrete and continuumdepending
on elements used at the structure-soil interface. In discrete modeling, springs and
dashpots are usually used as interface elements. On the other hand, continuum
modeling is achieved using either finite element or boundary element methods.
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Vaseghiamiri et al. [14] proposed a novel probabilistic approach to account for
SSI in the seismic design of building structures. In this approach, an SSI response
modification factor is introduced to capture SSI effects on the seismic performance
of structures. The proposed procedure quantifies factors such that the probability
distribution of the collapse capacity of the structure designed to account for SSI
concurs with that of the structure designed using the default fixed-base provisions.
It is employed for special steel moment frame buildings (3–15 storey) with surface
foundation. Tomodel the superstructure, a surrogate SDOF systemwith amultilinear
backbone curve is used that represents the nonlinear response of the actual structure
oscillating according to its fundamental mode of vibration. A lumped-parameter
mass-spring-dashpot model representing a rigid disk foundation on a uniform half-
space is used to represent the soil-foundation system. The results indicate that no
reduction in the design base shear is advisable for structures located on moderately
soft to firm soils with shear wave velocities above 150 m/s. This conclusion is at
odds with the current prescription of SSI provisions of seismic design code, which
allow some reduction in the design base shear for such buildings.

This study presents the analyses of a four-storeyed load-bearing brick masonry
structure assuming the base of thewalls as fixed as well as supported on stiff, medium
and soft soil springs. The study also includes strip-stepped brick masonry footing
with its width as 1.38 m at a depth of 1.0 m below the walls fixed at the base as
well as supported on the same springs as used in the structure alone. The results
are somewhat different than the assumption of the fixed-base analyses being always
conservative. The study also suggests appropriate modeling to capture maximum
response in structural members.

2 Modeling and Analyses

A typical four-storeyed load-bearing brick masonry building has been considered for
the study. The details of the building are as follows:

• Grade of concrete used is M20 and grade of steel used is Fe415.
• Floor-to-floor height is 3.1 m.
• Plinth height above GL is 0.30 m.
• Depth of foundation is 1.15 m below GL.
• Parapet height is 1.2 m.
• Slab thickness is 150 mm.
• Masonry wall thickness is 230 mm.
• Live load on floor is 3 kN/m2 and Live load on roof is 1.5 kN/m2.
• Floor finish is 1 kN/m2 and roof treatment is 1.5 kN/m2.
• The building is located in Seismic Zone IV.
• Importance Factor is taken as 1.0.
• Damping for concrete and masonry is considered as 5%.
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Table 1 Model parameters Description Modulus of
elasticity
(MPa)

Weight density
(kN/m3)

Poisson’s ratio

Concrete 22,360 25.0 0.15

Masonry 4200 20.0 0.30

The behavior of the materials has been assumed to be elastic. The foundation
below the walls is considered to be made of brick masonry with its width gradually
increasing to 1.38 m at a depth of 1.15 m below the GL. The structure has been
modeled in SAP2000.

The models have incorporated linear soil springs representing Type-I, Type-II and
Type-III soils with their modulus of subgrade reaction as 90,000, 30,000 and 15,000
kN/m3, respectively, as mentioned in NBC Clause 7.4.1.11 of Part 6, Sect. 2 [15].
The walls, slabs and foundation have been modeled as 4 noded shell elements. The
material properties of the brick masonry have been taken from the literature [16].
For each soil type, 4 models were developed where for soil Type-I, A1 represents
structure fixed at the base of the walls, A2 has soil springs below the walls, A3 has
foundation below the walls fixed at the base and A4 has foundation below the walls
supported on the same soil springs. Similarly, B1, B2, B3 and B4 models consider
soil Type-II and C1, C2, C3 and C4 models consider soil Type-III. The other model
parameters considered are shown in Table 1.

The three-dimensional models of A1, A2, A3 and A4 are shown in Fig. 1. The
Models B1–B4 and C1–C4 look alike in appearance. The foundation has been added
as a shell element with its width 0.46 m just below the walls and 1.38 m at a depth
of 1.15 m below the GL.

The response spectrum analyses have been carried out on these models with the
load combinations as per IS1893 [17] shown in Table 2. The last mode considered
for the response belongs to have 34 Hzs frequency. The results have been obtained
for the envelop case of these combinations.

3 Results and Discussion

The structures are generally designed assuming their base is fixed. In reality, all the
structures have a foundation which is supported on soil. So, in this discussion, the
emphasis has been given to know the models capturing the maximum response along
with a comparison with the response obtained from fixed-base analyses.
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A3 A4

A1 A2

Fig. 1 Three-dimensional models of the masonry building: A1—Walls fixed at the base, A2—
Walls restrained by springs, A3—Foundation fixed at the base, and A4—Foundation restrained by
springs



316 M. Sunil et al.

Table 2 Load combinations considered in analyses

1. 1.5DL

2. 1.5(DL + LL)

3. 1.2(DL + LL + EQx)

4. 1.2(DL + LL + EQy)

5. 1.2(DL + LL-EQx)

6. 1.2(DL + LL-EQy)

7. 1.5(DL + EQx)

8. 1.5(DL-EQx)

9. 1.5(DL + EQy)

10. 1.5(DL-EQy)

11. 0.9DL + 1.5(EQx)

12. 0.9DL-1.5(EQx)

13. 0.9DL + 1.5(EQy)

14. 0.9DL-1.5(EQy)

15. 1.2(DL + LL + response spectrum-XY)

16. 1.5(DL + response spectrum-XY)

17. 0.9DL + 1.5response spectrum-XY

18. Envelope load case

3.1 Dynamic Characteristics and Base Shear of the Models

The dynamic characteristics and base shear induced in all models are shown in
Table 3. The fundamental time period of fixed-base models is 0.165 s. The maximum
percent (%) increase compared to fixed-base models are 12.8(A4), 28.7(B4) and
47.7(C4), respectively. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 14.1 and 31.0%, respectively.

The base shear of fixed-base models in the X-direction is 1660.4 kN which is
the same in the Y-direction also. The maximum value is 1999.0 kN in both X- and
Y-directions of models A3, A4, B3, B4, C3 and C4. It is found to be equal in A2,
B2 and C2 models compared to fixed-base models. There is no change with soils
Type-II and Type-III compared to Type-I in this problem.

It is found that in general there is an increase in the fundamental time period
in all SSI systems. Models having foundation fixed at the base (A3, B3 & C3)
and foundation restrained by soil springs (A4, B4 & C4) have maximum base shear
in both the directions of same magnitude.
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Table 3 Dynamic characteristics and base shear of the models

Models First mode (s) Second mode (s) Third mode (s) Base shear—X
(kN)

Base shear—Y
(kN)

A1 0.165 0.111 0.100 1660.4 1660.4

A2 0.181 0.121 0.104 1660.4 1660.4

A3 0.170 0.115 0.102 1999.0 1999.0

A4 0.186 0.125 0.106 1999.0 1999.0

B1 0.165 0.111 0.100 1660.4 1660.4

B2 0.207 0.137 0.107 1660.4 1660.4

B3 0.170 0.115 0.102 1999.0 1999.0

B4 0.213 0.142 0.109 1999.0 1999.0

C1 0.165 0.111 0.100 1660.4 1660.4

C2 0.240 0.158 0.110 1660.4 1660.4

C3 0.170 0.115 0.102 1999.0 1999.0

C4 0.244 0.164 0.112 1999.0 1999.0

3.2 Peak Joint Displacements of the Models

The peak joint displacements in X-, Y- and Z-directions of the fixed-base model
A1 are −2.2, −4.9 and −1.9 mm, respectively. The corresponding displacements
of B1 and C1 are the same as that of A1. The percent (%) increase in peak joint
displacements of A4 are 34.2, 39.8 and 34.9 compared to A1, those for B4 are
64.8, 76.0 and 78.2 compared to B1 and those for C4 are 106.1, 123.7 and 138.4
compared to C1. The percentage increases in peak values with soils Type-II and
Type-III compared to Type-I are 22.8 and 53.6 in X, 25.9 and 59.9 in Y and 32.1 and
76.7 in Z directions, respectively (Table 4).

It is found that in general the displacements have increased in SSI systems but the
increase is more pronounced in the Z-direction.

3.3 Peak Responses in Walls of the Models

The peak responses in walls are shown in Table 5. The peak tensile stress of the
fixed-base model A1 is 1.43 MPa which is the same in B1 and C1. The maximum
peak values out of all models are 1.43(A1), 1.43(B4) and 1.80(C4) MPa which are
0, 0 and 25.8% higher compared to A1, B1 and C1, respectively. It is found to be
lesser with A2, A3, A4, B2, B3, B4 and C3 compared to fixed-base models. The
increases in peak values with soils Type-II and Type-III compared to Type-I are
0.0 and 25.8%, respectively. The tensile strength of the masonry can be considered
as 0.07 and 0.14 MPa for induced tensile stresses normal and parallel to bed joint,
respectively, as mentioned in NBC Clause 5.4.2, Part 6, Sect. 4 [15]. The results
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Table 4 Joint displacements
of the models

Models X (mm) Y (mm) Z (mm)

A1 −2.2 −4.9 −1.9

A2 −2.5 −5.7 −2.3

A3 −2.7 −6.0 −2.2

A4 −3.0 −6.9 −2.6

B1 −2.2 −4.9 −1.9

B2 −3.0 −7.2 −3.0

B3 −2.7 −6.0 −2.2

B4 −3.7 −8.7 −3.4

C1 −2.2 −4.9 −1.9

C2 −3.8 −9.3 −4.0

C3 −2.7 −6.0 −2.2

C4 −4.6 −11.0 −4.6

Table 5 Peak response of
walls of the models

Models Tensile stress
(MPa)

Compressive
stress (MPa)

Shear stress
(MPa)

A1 1.43 −2.67 0.54

A2 1.25 −2.68 0.67

A3 1.39 −2.92 0.65

A4 1.37 −2.99 0.67

B1 1.43 −2.67 0.54

B2 1.27 −2.83 1.02

B3 1.39 −2.92 0.65

B4 1.43 −3.09 0.94

C1 1.43 −2.67 0.54

C2 1.52 −3.13 1.41

C3 1.39 −2.92 0.65

C4 1.80 −3.30 1.28

indicate that the induced peak tensile stresses in the masonry are much higher than
the tensile strength.

The peak compressive stress of the fixed-base model A1 is 2.67 MPa which is
the same in B1 and C1. The maximum peak values out of all models are 2.99(A4),
3.09(B4) and 3.30(C4)Mpa, which are 11.9, 15.8 and 23.7% higher compared to A1,
B1 and C1, respectively. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 3.5 and 10.5%, respectively. The compressive strength of the
masonry would be 7.6 Mpa corresponding to the modulus of elasticity as 4200 Mpa
[16]. It can be seen that the induced peak compressive stresses are significantly less
than the compressive strength of the masonry.
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The peak shear stress of the fixed-base model A1 is 0.54 MPa which is the same
in B1 and C1. The maximum peak values out of all models are 0.67(A4), 1.02(B2)
and 1.41(C2) MPa, which are 23.7, 88.8 and 160.1% higher compared to A1, B1
and C1, respectively. The increases in peak values with soils Type-II and Type-III
compared to Type-I are 52.6 and 110.2%, respectively.

It is found that models with foundations restrained by soil springs have maximum
tensile and compressive stresses. The shear stresses are maximum with walls
restrained by soil springs in all soil types.

3.4 Peak Responses in Slabs of the Models

The peak responses in slabs are shown in Table 6. The peak tensile stress of the fixed-
base model A1 is 2.15 MPa which is the same in B1 and C1. The maximum peak
values out of all models are 2.16(A4), 2.16(B4) and 2.17(C4)MPa, which is close
to the response of fixed-base models. The slabs are assumed to be made of concrete
having characteristic compressive strength 20 MPa. The permissible direct tensile
strength can be considered as 2.8 MPa as per NBC Clause B-2.1, Part 6, Sect. 5
[15]. The results indicate that the peak tensile stresses are less than the permissible
strengths.

The peak compressive stress of the fixed-base model A1 is 2.03MPa, which is the
same in B1 and C1. Themaximum peak values are close to the response of fixed-base
models. The permissible direct compressive strength can be considered as 5.0 MPa
as per NBC Clause B-2.1, Part 6, Sect. 5 [15]. The results indicate that the peak
compressive stresses are significantly less than the permissible strengths.

Table 6 Peak responses of
slab of the models

Models Tensile stress
(MPa)

Compressive
stress (MPa)

Shear stress
(MPa)

A1 2.15 −2.03 0.77

A2 2.16 −2.03 0.78

A3 2.15 −2.03 0.81

A4 2.16 −2.03 0.81

B1 2.15 −2.03 0.77

B2 2.16 −2.03 0.78

B3 2.15 −2.03 0.81

B4 2.16 −2.03 0.81

C1 2.15 −2.03 0.77

C2 2.17 −2.03 0.78

C3 2.15 −2.03 0.81

C4 2.17 −2.03 0.80
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The peak shear stress of the fixed-base model A1 is 0.77 MPa, which is the same
in B1 and C1. The maximum peak values out of all models is 0.81 MPa in A3, B3
and C3 models, which is 5.3% higher compared to respective fixed-base models.
The increase in peak values of both soils Type-II and Type-III compared to Type-I
is 0.4%.

Comparing the peak responses, it is found that SSI does not significantly affect
the tensile and compressive responses. The shear stress is found to be maximum in
models with foundation fixed at the base.

4 Conclusions

The study has been carried out on a four-storeyed load-bearing brick masonry
building. It has been analyzed with the base of the walls as fixed and supported
on stiff, medium and soft soil springs. The structure has also been analyzed consid-
ering stepped brick masonry strip footing fixed at the base and supported on the same
springs as used in the structure. Considering the structure to be in seismic zone IV,
response spectrum analyses were carried out considering the last mode with 34 Hzs
frequency. The peak values of modal time periods, base shear, joint displacements,
normal tensile stresses, normal compressive stresses and shear stresses in walls and
slabs have been presented. The following conclusions have been drawn about SSI
effects compared to fixed-base analyses:

• There is an increase in the fundamental timeperiod in all SSI systems. The increase
in peak values with soils Type-II and Type-III compared to Type-I have been
computed to be 14.1 and 31.0%, respectively.

• The SSI models have a higher base shear in both the directions. There is no
increase in peak values with soils Type-II and Type-III compared to Type-I.

• In general, the displacements have increased in SSI systems. The percent (%)
increases in peak values with soils Type-II and Type-III compared to Type-I
are 22.8 and 53.6 in X, 25.9 and 59.9 in Y and 32.1 and 76.7 in Z directions,
respectively. Thus, the increase is more pronounced in the Z (vertical) direction.

• Comparing the peak responses in walls, it is found that maximum tensile and
compressive stresses are found in the models with foundation restrained by soil
springs except in the case of wall fixed at the base (soil Type-I). The increases in
peak values of tensile stresses with soils Type-II and Type-III compared to Type-
I are 0.0 and 25.8%, respectively. The increases in peak values of compressive
stresses with soils Type-II and Type-III compared to Type-I are 3.5 and 10.5%.
respectively. The shear stresses are maximumwith walls restrained by soil springs
in soils Types II and III. In the case of soil Type-I, it is maximum with foundation
restrained by soil springs. The increases in peak values with soils Type-II and
Type-III compared to Type-I are 52.6 and 110.2%, respectively.
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• Comparing the peak responses in slabs, it is found that SSI does not significantly
affect the tensile and compressive stress responses. However, the shear stress is
found maximum in models with foundation fixed at the base.

Thus, the study infers that SSI models having foundations restrained by soil
springs respond to maximum tensile and compressive stresses in walls except in
the case of wall fixed at the base (soil Type-I). The maximum shear stress in walls
is found in SSI models with walls restrained by soil springs. The maximum shear
stress in slabs is found in the models with the foundation fixed at the base.
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SSI Effects on Behavior of a Low-Rise
Load-Bearing Structural Walled
Building Including Foundation

Neha, Meenu Sunil, Shivi Nigam, and Navjeev Saxena

Abstract The process of soil response influencing the motion of the structure
and vice-versa is termed as soil-structure interaction. Conventionally, SSI has been
considered to pose beneficial effects on the seismic response of a structure because
of causing the structure more flexible resulting in the increased natural period and
enhanced effective damping ratio. These modifications suggest a reduction in base
shear demand for a structure as compared to its fixed-base counterpart. This study
presents analyses of a four-storeyed load-bearing structural walled building. It has
been analyzed with the base of the walls as fixed and supported on stiff, medium
and soft soil springs. The structure has also been analyzed considering stepped brick
masonry strip footing fixed at base and supported on same springs as used in the
structure. The results are somewhat different than the assumption of fixed-base anal-
yses being always conservative. The study also suggests appropriate modeling to
capture maximum response in structural members.

Keywords Soil-structure interaction · SSI · Dynamic · Earthquake · Seismic ·
Shear wall · Concrete · Foundation

1 Introduction

The process of soil response influencing the motion of the structure and vice-versa is
termed as soil-structure interaction (SSI). It is a phenomenon that comprises various
mechanisms leading to the interdependence of soil and structural displacements.
These mechanisms broadly fall under either the kinematic or inertial component of
SSI. Roesset [1] and Kausel [2] presented reviews of the early-stage developments
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in the field of soil-structure interaction. In addition to the two components of SSI—
kinematic and inertial, Roesset also discussed direct and substructure approaches to
perform SSI analyses. Kausel presented chronological development in SSI, starting
from fundamental solutions (commonly termed as Green’s functions) devised by
mathematicians and scientists way back in the early nineteenth century. Kausel
initiated the development of a substructure approach to solve SSI problems.

Conventionally, SSI has been considered to pose beneficial effects on the seismic
response of a structure. The usual reasoning provided in this regard is that consid-
ering SSI makes a structure more flexible, increases its natural period and enhances
its effective damping ratio. These modifications suggest a reduction in base shear
demand for a structure as compared to its fixed-base counterpart. With such assump-
tions, SSI has usually been disregarded by designers to reduce the complications
involved in analyses. However, observations from many earthquake-damaged sites
tell a different story. Noticeable instances include damage in a number of pile-
supported bridge structures in the 1989LomaPrieta earthquake as cited byYashinsky
[3] and the collapse of Hanshin Expressway Route 3 (Fukae section) in the 1995
Kobe Earthquake as investigated by Mylonakis and Gazetas [4]. Further Badry and
Satyam [5] obtained SSI analysis for asymmetrical buildings supported on the piled
raft which got damaged during the 2015 Nepal Earthquake. They observed that detri-
mental effects of SSI can be greatly intensified by the asymmetry in the geometry
of the superstructure. These observations suggest that the traditional belief of SSI
being ever-beneficial does not stand good for all structures on all soil conditions [6].

Ciampoli and Pinto [7] identified structure-to-soil stiffness ratio and aspect ratio
of structure to be regulating the phenomenon. Nguyen et al. [8, 9] established the
significance of foundation characteristics, viz. footing size in shallow foundations
and pile size and load-bearing mechanism in pile foundations on seismic response
of structure-soil systems. The possibility of differential settlement arising out of soil
flexibility has been remarked by Raychowdhury [10] for low-rise steel moment-
resisting framed buildings. She also concluded that SSI needs to be tackled more
critically for heavily loaded footings owing to high inertial effects. This suggests a
need to develop a rational basis for seismic design incorporating SSI.

Further, Jarernprasert et al. [11] studied the effects of SSI on the response
of yielding single-storey structures embedded in an elastic half-space to a set of
accelerograms representative of diverse geology. Unlike elastic structures, SSI may
lead to an increase in ductility demands and total displacements in the case of inelastic
structures.Aydemir [12] studied soil-structure interaction effects on structural param-
eters for stiffness degrading systems built on soft soil sites and found smaller strength
reduction factors for interacting systems than those for corresponding fixed-base
systems. This implies that neglecting SSI may result in an unconservative design.

Dutta and Roy [13] presented a critical review of idealization and modeling for
interaction among various components of the soil-foundation structure system. These
modeling strategies are broadly classified as discrete and continuum depending on
elements used at the structure-soil interface. In discrete modeling, springs and dash-
pots are usually used as interface elements. On the other hand, continuum modeling
is achieved using either finite element or boundary element methods.
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Vaseghiamiri et al. [14] proposed a novel probabilistic approach to account for
SSI in the seismic design of building structures. In this approach, an SSI response
modification factor is introduced to capture SSI effects on the seismic performance
of structures. The proposed procedure quantifies factors such that the probability
distribution of the collapse capacity of the structure designed to account for SSI
concurs with that of the structure designed using the default fixed-base provisions.
It is employed for special steel moment frame buildings (3–15 storey) with surface
foundation. Tomodel the superstructure, a surrogate SDOF systemwith amultilinear
backbone curve is used that represents the nonlinear response of the actual structure
oscillating according to its fundamental mode of vibration. A lumped-parameter
mass-spring-dashpot model representing a rigid disk foundation on a uniform half-
space is used to represent the soil-foundation system. The results indicate that no
reduction in the design base shear is advisable for structures located on moderately
soft to firm soils with shear wave velocities above 150 m/s. This conclusion is at
odds with the current prescription of SSI provisions of seismic design code, which
allow some reduction in the design base shear for such buildings.

This study presents analyses of a four-storeyed load-bearing structural walled
building assuming the base of the walls as fixed as well as supported on stiff, medium
and soft soil springs. The study also includes strip-stepped brick masonry footing
with its width as 1.38m at a depth of 1.0 m below the walls fixed at the base as well as
supported on the same springs as used in the structure alone. The results are somewhat
different than the assumption of fixed-base analyses being always conservative. The
study also suggests appropriate modeling to capture maximum response in structural
members.

2 Modeling and Analyses

A typical four-storeyed load-bearing structural walled building has been considered
for the study. The details of the building are as below:

• Grade of concrete used is M20 and the grade of steel used is Fe415.
• Floor to floor height is 3.1 m.
• Plinth height above GL is 0.30 m.
• Depth of foundation is 1.15 m below GL.
• Parapet height is 1.2 m.
• Slab thickness is 150 mm.
• Structural wall thickness is 150 mm of concrete grade M20.
• Live load on the floor is 3 kN/m2 and Live load on the roof is 1.5 kN/m2.
• The load for floor finishes is 1 kN/m2 and roof treatment is 1.5 kN/m2

• The building is located in Seismic Zone IV.
• Importance Factor is taken as 1.0.
• Damping for concrete and masonry is considered as 5%.
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Table 1 Model parameters Description Modulus of
elasticity
(MPa)

Weight density
(kN/m3)

Poisson’s ratio

Concrete 22,360 25.0 0.15

Masonry 4200 20.0 0.30

Thebehavior of thematerials has been assumed tobe elastic. The foundationbelow
the walls is considered made of brick masonry with its width gradually increasing
to 1.38 m at a depth of 1.15 m below the GL. The structure has been modeled in
SAP2000.

There are three classifications of soils namely Type-I (Rock or hard soils), Type-
II (Medium of stiff soils) and Type-III (soft soils) for determining the response
spectrum to be used to estimate design earthquake forces. In terms of penetration
number (N), the soil Type-I, Type-II and Type-III have been categorized having N >
30, 10 < N > 30 and N < 10, respectively [17]. The models have incorporated linear
soil springs representing Type-I, Type-II and Type-III soils with their modulus of
subgrade reaction as 90,000, 30,000 and 15,000 kN/m3, respectively, as mentioned
in NBC Clause 7.4.1.11 of Part 6, Sect. 2 [15]. The walls, slabs and foundation have
been modeled as four noded shell elements. The material properties of the brick
masonry have been taken from literature [16]. For each soil type, four models were
developedwhere for soil Type-I, A1 represents structure fixed at the base of thewalls,
A2 has soil springs below the walls, A3 has foundation below the walls fixed at base
and A4 has foundation below the walls supported on same soil springs. Similarly,
B1, B2, B3 and B4 models consider soil Type-II and C1, C2, C3 and C4 models
consider soil Type-III. The other model parameters considered are shown in Table 1.

The three-dimensional models of A1, A2, A3 and A4 are shown in Fig. 1. The
Models B1 to B4 and C1 to C4 look alike in appearance. The foundation has been
added as a shell element with its width as 0.46 m just below the walls and 1.38 m at
a depth of 1.15 m below the GL.

The response spectrum analyses have been carried out on these models with the
load combinations as per IS1893 [17] shown in Table 2. The last mode considered
for the response belongs to have 34 Hzs frequency. The results have been obtained
for the envelop case of these combinations.

3 Results and Discussion

The structures are generally designed assuming their base as fixed. In reality, all
structures have a foundation that is supported on the soil. So, in this discussion, the
emphasis has been given to know the models capturing the maximum response along
with a comparison with the response obtained from fixed-base analyses.
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A3 A4

A1 A2

Fig. 1 Three-dimensional models of the structural walled building: A1—Walls fixed at the base,
A2—Walls restrained by springs, A3—Foundation fixed at the base, A4—Foundation restrained
by springs
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Table 2 Load combinations
considered in analyses

1. 1.5DL

2. 1.5(DL + LL)

3. 1.2(DL + LL + EQx)

4. 1.2(DL + LL + EQy)

5. 1.2(DL + LL-EQx)

6. 1.2(DL + LL-EQy)

7. 1.5(DL + EQx)

8. 1.5(DL-EQx)

9. 1.5(DL + EQy)

10. 1.5(DL-EQy)

11. 0.9DL + 1.5(EQx)

12. 0.9DL-1.5(EQx)

13. 0.9DL + 1.5(EQy)

14. 0.9DL-1.5(EQy)

15. 1.2(DL + LL + response spectrum-XY)

16. 1.5(DL + response spectrum-XY)

17. 0.9DL + 1.5response spectrum-XY

18. Envelope load case

3.1 Dynamic Characteristics and Base Shear of the Models

The dynamic characteristics and base shear induced in all models are shown in Table
3. The fundamental time period of fixed-base models is 0.084 s. The maximum
percent (%) increase compared to fixed-base models is 37.6(A4), 78.6(B4) and
121.4(C4), respectively. The increases in peak values with soil Type-II and Type-III
compared to Type-I are 29.8 and 61.0%, respectively.

The base shear of fixed-base models in X-direction is 1067.0 kN for all
models. The maximum values out of all models are 1536.6 (A4), 1787.9(B4) and
1788.6(C4) kN. The increase in peak values with soil Type-II and Type-III compared
to Type-I is the same as a value of 16.4%. The base shear of fixed-base models in
Y-direction is 1308.6 kN for all models. The maximum value is 1788.6 kN which is
the same for A4, B4 and C4. There is no increase in peak values with soil Type-II
and Type-III compared to Type-I.

It is found that in general there is an increase in the fundamental time period in
all SSI systems. The maximum base shear is found in the models with foundation
restrained by soil springs.
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Table 3 Dynamic characteristics and base shear of the models

Models First mode (s) Second mode (s) Third mode (s) Base shear—X
(kN)

Base shear—Y
(kN)

A1 0.084 0.056 0.051 1067.0 1308.6

A2 0.108 0.071 0.056 1196.3 1450.1

A3 0.091 0.061 0.054 1370.2 1692.3

A4 0.115 0.077 0.059 1536.6 1788.6

B1 0.084 0.056 0.051 1067.0 1308.6

B2 0.142 0.093 0.060 1388.3 1450.1

B3 0.091 0.061 0.054 1370.2 1692.3

B4 0.150 0.100 0.064 1787.9 1788.6

C1 0.084 0.056 0.051 1067.0 1308.6

C2 0.181 0.118 0.063 1450.0 1450.0

C3 0.091 0.061 0.054 1370.2 1692.3

C4 0.185 0.127 0.067 1788.6 1788.6

3.2 Peak Joint Displacements of the Models

The peak joint displacements in X, Y and Z-directions of fixed-base model A1 are
−0.5,−1.4 and−0.7 mm, respectively. The corresponding displacements of B1 and
C1 are the same as that of A1. The percent (%) increase in peak joint displacements
of A4 are 98.1, 102.8 and 61.7 compared to A1, B4 are 236.9, 211.8 and 147.8
compared to B1 and C4 are 392.3, 353.6 and 278.7 compared to C1. The percentage
increases in peak values with soil Type-II and Type-III compared to Type-I are 70.1
and 148.5 in X, 53.7 and 123.7 in Y and 53.2 and 134.2 in Z-directions, respectively
(Table 4).

It is found that in general, the displacements have increased in SSI systems but
the increase is more pronounced in X-direction.

3.3 Peak Responses in Walls of the Models

The peak responses in walls are shown in Table 5. The peak tensile stress of fixed-
base model A1 is 1.66 MPa, which is the same in B1 and C1. The maximum peak
values out of all models are 2.02(A4), 2.92(B4) and 4.10(C4) MPa, which are 22.0,
75.9 and 147.3% higher compared to A1, B1 and C1, respectively. It is found lesser
with A3, B3 and C3 compared to fixed-base models. The increases in peak values
with soil Type-II and Type-III compared to Type-I are 44.1 and 102.6%, respectively.

The peak compressive stress of fixed-base model A1 is 3.25 MPa, which is the
same in B1 and C1. The maximum peak values out of all models are 4.20(A4),
5.19(B4) and 6.42(C4) MPa, which are 29.2, 59.6 and 97.3% higher compared to
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Table 4 Joint displacements
of the models

Models X (mm) Y (mm) Z (mm)

A1 −0.5 −1.4 −0.7

A2 −0.8 −2.2 −1.0

A3 −0.7 −1.9 −0.8

A4 −1.0 −2.8 −1.2

B1 −0.5 −1.4 −0.7

B2 −1.3 −3.4 −1.5

B3 −0.7 −1.9 −0.8

B4 −1.8 −4.3 −1.8

C1 −0.5 −1.4 −0.7

C2 −2.0 −5.2 −2.3

C3 −0.7 −1.9 −0.8

C4 −2.6 −6.3 −2.7

Table 5 Peak response of
walls of the models

Models Tensile stress
(MPa)

Compressive
stress (MPa)

Shear stress
(MPa)

A1 1.66 −3.25 0.71

A2 1.92 −3.62 1.53

A3 1.54 −3.49 0.93

A4 2.02 −4.20 1.63

B1 1.66 −3.25 0.71

B2 2.55 −4.60 2.69

B3 1.54 −3.49 0.93

B4 2.92 −5.19 2.90

C1 1.66 −3.25 0.71

C2 3.95 −6.01 4.20

C3 1.54 −3.49 0.93

C4 4.10 −6.42 4.49

A1, B1 and C1, respectively. The increases in peak values with soil Type-II and
Type-III compared to Type-I are 23.5 and 52.7%, respectively.

The peak shear stress of fixed-base model A1 is 0.71 MPa, which is the same
in B1 and C1. The maximum peak values out of all models are 1.63(A4), 2.90(B4)
and 4.49(C4) MPa, which are 129.9, 310.4 and 533.9% higher compared to A1, B1
and C1, respectively. The increases in peak values with soil Type-II and Type-III
compared to Type-I are 78.5 and 175.7%, respectively.

It is found that models with foundations restrained by soil springs have maximum
tensile, compressive stresses and shear stresses.
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Table 6 Peak responses of
slab of the models

Models Tensile stress
(MPa)

Compressive
stress (MPa)

Shear stress
(MPa)

A1 2.14 −2.09 0.51

A2 2.15 −2.09 0.52

A3 2.14 −2.09 0.51

A4 2.15 −2.09 0.52

B1 2.14 −2.09 0.51

B2 2.15 −2.09 0.52

B3 2.14 −2.09 0.51

B4 2.15 −2.09 0.52

C1 2.14 −2.09 0.51

C2 2.15 −2.09 0.52

C3 2.14 −2.09 0.51

C4 2.15 −2.09 0.52

3.4 Peak Responses in Slabs of the Models

The peak responses in slabs are shown in Table 6. The peak tensile stress of fixed-
base model A1 is 2.14 MPa, which is the same in B1 and C1. The maximum peak
value out of all models is 2.15 MPa in A2, B2 and C2, which is close to the response
of fixed-base models.

The peak compressive stress of fixed-base model A1 is 2.09 MPa, which is the
same in all models.

The peak shear stress of fixed-base model A1 is 0.51 MPa, which is the same
in B1 and C1. The maximum of peak values out of all models is 0.52 MPa in A2,
B2 and C2 models, which is 1.7% higher compared to respective fixed-base models.
The increase in peak values of both soil Type-II and Type-III compared to Type-I is
0.6%.

Comparing the peak responses, the maximum tensile, compressive and shear
stresses are found in models with walls restrained by soil springs. However, the
increase is not significant compared to fixed-base models.

4 Conclusions

The study has been carried out on a four-storeyed load-bearing structural walled
building. It has been analyzed with the base of the walls as fixed and supported on
stiff, medium and soft soil springs. The structure has also been analyzed considering
stepped brick masonry strip footing fixed at base and supported on same springs as
used in the structure. Considering the structure to be in seismic zone IV, response
spectrum analyses were carried out considering the last mode with 34 Hzs frequency.
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Thepeakvalues ofmodal timeperiods, base shear, joint displacements, normal tensile
stresses, normal compressive stresses and shear stresses in walls and slabs have been
presented. Following conclusions have been drawn about SSI effects compared to
fixed-base analyses:

• There is an increase in the fundamental timeperiod in all SSI systems. The increase
in peak values with soil Type-II and Type-III compared to Type-I has computed to
29.8 and 61.0%, respectively. This increase is due to SSI systems getting flexible
from soil Type-I to Type-III.

• The maximum base shear is found in the models with foundation restrained by
soil springs. The increase in peak values with soil Type-II and Type-III compared
to Type-I is the same as a value of 16.4% in X-direction due to higher spectral
acceleration in the models. In Y-direction, there is no increase in peak values
with soil Type-II and Type-III compared to Type-I due to unchanged spectral
acceleration.

• In general, the displacements have increased in SSI systems. The percentage
increases in peak values with soil Type-II and Type-III compared to Type-I are
70.1 and 148.5 in X, 53.7 and 123.7 in Y and 53.2 and 134.2 in Z-directions,
respectively. The increase is more pronounced in X-direction. This increase is
due to SSI systems getting flexible from soil Type-I to Type-III.

• It is found that models with foundations restrained by soil springs have maximum
tensile, compressive stresses and shear stresses in walls. The increases in peak
values of tensile stresses with soil Type-II and Type-III compared to Type-I
are 44.1 and 102.6%, respectively. The increases in peak values of compressive
stresses with soil Type-II and Type-III compared to Type-I are 23.5 and 52.7%,
respectively. The increases in peak values of shear stresses with soil Type-II and
Type-III compared to Type-I are 78.5 and 175.7%, respectively. This increase is
due to higher base shear in the models.

• Comparing the peak responses in slabs, the maximum tensile, compressive and
shear stresses are found in models with walls restrained by soil springs. However,
the increase is not significant compared to fixed-base models.

Thus, the study infers that SSImodels having foundation restrained by soil springs
respond to maximum tensile, compressive and shear stresses in walls which is signif-
icant. In the case of slabs, the maximum tensile, compressive and shear stresses are
found in SSI models with walls restrained by soil springs but it is not significant.
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Seismic Effect on Underground Box
Structure for Metro and Subways
with Varying Soil Parameters

Chiranjib Sarkar, Sibapriya Mukherjee, and Narayan Roy

Abstract With the advancement in technology, urban transportation systems have
been modernized with the construction of underground structures due to restricted
movements and inadequate space. Many cities already have or plan to construct
underground box structures for metros and subways. These structures may undergo
severe damages caused by excessive deformation due to seismic shaking. Hence,
it is necessary to have an accurate estimation of deformation and bending moment
caused by the movement of the surrounding soil under seismic conditions. In the
present investigation, an attempt has been made to carry out a parametric study for
a typical box structure 9.6 m wide × 5.8 m high with varying soil parameters from
loose to medium, medium to dense and very dense in different seismic zones. The
results of the study reveal that about 16–26% of the variation in distortion and 8–12%
of the variation in bending moment occur with different subsoil conditions (loose to
medium, medium to dense and very dense) under the same seismic conditions. Once
seismic conditions change from lower to higher seismic zone (zone-III to zone-IV),
the deformation becomes almost double even for the same soil condition (loose to
medium or medium to dense or very dense). The findings of the present study may be
useful in the design of underground subways and metro box structures for practicing
engineers.

Keywords Underground structure · Metro and subways · Seismic excitation

1 Introduction

With the rapid development in human societies and complexity of urban transporta-
tions, the construction of the underground structure is gaining popularity for trans-
portation and other utilities due to the restrictions in transportation movement as
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well as the limitation in the expansion of surface infrastructure. The underground
tunneling and subway system are playing a vital role in improving the urban space
congestion problem as well as sustainable development of the concerned locations.
Almost every developing city alreadyhas or plans to construct underground structures
for metros, subways, other utilities, etc. The increasing need in very recent years to
expand the transportation networks is the main cause of studying the vulnerability of
such underground structures due to seismic loading. It is imperative to fully examine
the performance of these structures against natural hazards, like earthquakes, because
of their importance for saving life and the economy.

The seismic design of underground structures has not received adequate attention
in the past because they usually suffer lesser damage in comparison to the above-
ground structures from earthquakes. However, Daikai underground subway station
in Kobe, Japan, collapsed during the Hyogo-ken-Nambu earthquake in 1995. This
event has been reported as the first modern underground structure failure due to
seismic loading, rather than surrounding ground instability [1]. There are manymore
instances of severe damages due to earthquakeswhichhavebeen reported in the recent
literature. Significant among them are as follows: Loma Prieta earthquake in 1989;
Kobe earthquake in 1995; the Duzce earthquake in 1999; the Chi-Chi earthquake in
1999; the Niigata earthquake in 2004; the Wenchuan earthquake in 2008; Tohoku
earthquake in 2011. Therefore, it is very important to have an accurate estimation
of deformation generated by the surrounding soil of underground structures under
seismic loading conditions.

The seismic response of underground structures is considerably different from
that of above-ground structures because the overall mass of the structure is generally
less in comparison to the mass of the surrounding soil, and the overall confinement
provides a high level of damping. Therefore, the seismic behavior of an under-
ground structure is principally controlled by the response of the surrounding soil [1,
5] (Arango 2008) and by the imposed ground deformation, but not by the inertial
characteristics of the hulk structure itself.

Underground structures are generally affected by earthquakes in two ways: (1)
ground shaking and (2) ground failure through mechanisms such as liquefaction,
slope instability and fault dislocation. Ground shaking basically refers to the defor-
mation of the ground generated by seismic waves propagating through the earth’s
crust.

Owen and Scholl (1981) express that ground shakingmostly lead to three different
types of deformation in underground structures: (1) axial compression and extension;
(2) longitudinal bending and (3) ovaling/racking. The ovaling and racking deforma-
tions in the tunnel occur when shear waves propagate normal to nearly normal to
the tunnel axis, resulting in the cross-section of a tunnel to deform. Transverse shear
waves transmit the highest proportion of an earthquake’s energy to underground
box structures [1]. Therefore, racking deformations of an underground box structure
produced by transverse shear waves are the type of deformation considered in this
study.

This study highlights the behavior of underground box structures in different
surrounding soil parameters under the same and different seismic conditions. A series
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of parametric studies is carried out by developing the numericalmodel comparedwith
available analytical solutions. A typical box structure 9.6mwide× 5.8mhigh having
5.8mbackfill is resting onvarying soil parameters of (a) loose tomedium, (b)medium
to dense and (c) very dense at different seismic levels of seismic zone-III and zone-IV.
Along with the analytical method, a detailed analysis has been performed by using
STAAD.Pro [8] to investigate the complex behavior of underground box structures
in similar and different soils under different seismic conditions. The outcome of the
present analyses may help in the proper prediction of stresses and deformations of
structure within the surrounding soil under seismic conditions.

2 Methodology

This paper estimates the seismic behavior of a box tunnel structure adopting Free-
Field deformation/Racking analysis.

2.1 Mathematical Background

The term ‘free-field deformations’ defines ground strains produced by seismic waves
in the absence of structures or excavations which generally ignores the interaction
between the underground box structure and the surrounding ground but can deliver
a first-order estimate of the expected deformation of the structure. Combined axial
and curvature deformations can be estimated by treating the tunnel structure as an
elastic beam. With beam theory, total free-field axial strains are found by adding the
longitudinal strains generated by axial and bending deformation [1].

Racking deformation of rectangular tunnels is generated due to shear distortions
during an earthquake. A rectangular box structure undergoes transverse racking
deformations which can be computed from shear strains in the soil from Eq. (1).

2.2 Numerical Analysis and Computational Method

The expected free-field ground strains produced by the vertically propagating shear
waves of the design earthquakes have been estimated using the following formula:

γmax = Vs/Cse (1)

where

γmax = maximum free-field shear strain at the elevation of the tunnel,
Vs = S-wave peak particle velocity at the tunnel elevation and
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Cse = effective shear wave velocity of ground surrounding the tunnel.

The seismic effect on the underground structure is determined from the racking
force required to generate the deflection estimated with respect to the surrounding
ground strain. A series of parametric studies for similar and different ground condi-
tions under different seismic levels is carried out to assess the racking forces from
numerical analysis followedby the comparisonof the results found.The soil-structure
interaction is considered by assigning linear springs with stiffnesses based on the
modulus of subgrade reaction as per IS: 2950 (Part I) [9].

3 Model of the Study

A typical section of the Delhi Metro Rail Corporation (DMRC) Box tunnel in the
Dwarka-Najafgarh corridor has been considered for analysis. This section is in the
Najafgarh area which is constructed in Phase-III of the work of DMRC. This typical
box structure as shown in Fig. 1 has the same geometrical parameters as considered
in this study. Cut and cover method of construction with diaphragm wall has been
considered as part of earth retaining structure as well as the main structure. Ground
soil condition up to the depth of tunnel was varying mostly from loose silty fine sand
to medium and dense sand at different stretches of tunnel alignment. Delhi lies in
zone-IV of the earthquake zoning maps of India as per IS 1893 [10].

A similar type of section of Lucknow Metro Rail Corporation (LMRC) Box
tunnel in North–South corridor from CCS Airport to Munshipulia has been further
considered for analysis. Shape, size, depth and surrounding ground condition (mostly
silty sand to tunnel depth) of underground box structures of above-mentioned two
locations are mostly similar except Lucknowwhich lies in zone-III of the earthquake
zoning maps of India.

The parametric study was initially conceptualized by comparing the bending
moment and deformation of the same type of underground box section situated
at the similar ground condition of Delhi (zone-IV) and Lucknow (zone-III). This
study has been further elaborated with varying soil parameters mostly from loose
silty fine sand to medium and dense sand at different stretches of tunnel alignment of
the study area at Najafgarh, Delhi (zone-IV) and CCS Airport, Lucknow (zone-III).
The following three types of ground conditions have been considered for the present
analysis:

• Ground condition-I (GC-I): Loose to medium silty fine sand from ground level to
the depth of 15.0 m below ground level.

• Groundcondition-II (GC-II):Medium todense silty sand from3.0mbelowground
level to the depth of 15.0 m below ground level. Top 3.0 m soil is with loose silty
fine sand.

• Ground condition-III (GC-III): Very dense sand from 5.5 m below ground level
to the depth of 15.0 m below ground level. Top 5.5 m soil is with loose to medium
silty fine sand.



Seismic Effect on Underground Box Structure for Metro … 339

Fig. 1 A typical section of Delhi Metro Rail Corporation (DMRC) box tunnel in the Dwarka-
Najafgarh corridor

Geotechnical parameters which are considered for present analysis are tabulated
in Table 1 for the above three ground conditions.

During soil investigation, the actual water table was found 18 m below ground
level. Also, the water level was not encountered during the excavation of the cut and
cover box structure. Hence, the entire domain of soil has been considered as dry
soil during analysis. The cohesion of Delhi and Lucknow silt has been taken as zero
(cohesionless silt).

The entire analysis part of the parametric study has been conducted in six different
situations for three different ground conditions (GC-I, GC-II and GC-III) within
two different seismic zones (zone-III and zone-IV). The different soil parameters
with different seismic levels cause the change in force application and deformation
behavior of the concerned structure.
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Table 1 Geotechnical parameters for three types of ground conditions

Ground
condition

Soil type Depth, m SPT value
(Avg.)

�′ (Avg.),
deg

Bulk
density
(Avg.),
kN/m3

E′ (Avg.),
MPa

ν′ (Avg.)

GC-I Loose to
medium
silty fine
sand

0–15 20 29 19.0 14.0 0.3

GC-II Loose
silty fine
sand

0–3 10 28 18.0 12.0 0.3

Medium
to dense
silty sand

3–15 35 32 19.5 15.0 0.3

GC-III Loose to
medium
silty fine
sand

0–5.5 20 29 19.0 14.0 0.3

Very
dense
sand

5.5–15 50 35 20.0 17.5 0.3

The vertical surcharge and lateral earth pressure have been calculated based on
adopted soil parameters of different ground conditions and the same have been
applied on the numerical models with the appropriate load combinations.

4 Results and Discussions

The outcomes of the conducted study are as follows:

4.1 Racking Deformation Under Different Surrounding Soil
and Seismic Conditions

Racking deformation of underground box structure for three different ground condi-
tions (GC-I, GC-II and GC-III) having two different seismic zones (zone-III and
zone-IV) is shown in Table 2.

From the above-mentioned free-field deflection values, it is observed that racking
deformation gradually decreaseswith the improvement of surrounding ground condi-
tions. For seismic zone-III, the racking deformation value reduces from 4.914 to
3.884 mm and from 3.884 to 3.344 mm with the improvement of ground conditions
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Table 2 Racking
deformation of underground
box structure under different
ground and seismic
conditions

Ground
condition

Soil type Free-field deflection (MCE
condition), mm

Seismic
zone-III

Seismic
zone-IV

GC-I Loose to medium
silty fine sand

4.914 10.481

GC-II Medium to dense
silty sand

3.884 8.286

GC-III Very dense sand 3.344 7.133

from GC-I to GC-II and from GC-II to GC-III, respectively. Similarly, for seismic
zone-IV, the racking deformation value reduces from 10.481 to 8.286 mm and from
8.286 to 7.133 mm with the improvement of ground conditions from GC-I to GC-
II and from GC-II to GC-III, respectively. It is also further observed that racking
deformation values increase noticeably once seismic condition changes from lower
to higher seismic zone (zone-III to zone-IV) even for the same soil condition (GC-I,
GC-II or GC-III).

4.2 Bending Moment Comparison of Underground Box Wall
Under Different Surrounding Ground and Seismic
Conditions

Bending moment comparison of underground box structure wall for three different
ground conditions (GC-I, GC-II and GC-III) having different seismic conditions
(non-seismic case and seismic zone-III and zone-IV) are shown in Tables 3, 4 and 5.

From the above-mentioned Bending Moment values at the Box Tunnel wall, it is
noticed that the Bending Moment of the wall gradually decreases with the improve-
ment of surrounding ground conditions within the same seismic level (non-seismic

Table 3 Bending moment comparison of underground box wall under different ground conditions
with non-seismic condition

Ground condition Soil type Bending moment of underground box wall, kN m

At roof slab
junction
(hogging)

At midpoint of
wall (sagging)

At base slab
junction
(hogging)

GC-I Loose to medium
silty fine sand

1552.5 −207.2 251

GC-II Medium to dense
silty sand

1547.5 −168.4 230

GC-III Very dense sand 1543.2 −130.1 192
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Table 4 Bending moment comparison of underground box wall under different ground conditions
within seismic zone-III

Ground condition Soil type Bending moment of underground box wall, kN m

At roof slab
junction
(hogging)

At midpoint of
wall (sagging)

At base slab
junction
(hogging)

GC-I Loose to medium
silty fine sand

1739.1 −222.5 350

GC-II Medium to dense
silty sand

1699.1 −178.8 298

GC-III Very dense sand 1676.8 −136.5 255.4

Table 5 Bending moment comparison of underground box wall under different ground conditions
within seismic zone-IV

Ground condition Soil type Bending moment of underground box wall, kN m

At roof slab
junction
(hogging)

At midpoint of
wall (sagging)

At base slab
junction
(hogging)

GC-I Loose to medium
silty fine sand

1852.6 −232.7 512.9

GC-II Medium to dense
silty sand

1792.9 −198.4 421.2

GC-III Very dense sand 1757.6 −156.3 359.5

case and seismic zone-III and zone-IV).With the improvement of surrounding ground
conditions within the same seismic level, bending moment of wall reduces by 1–4%
at Roof Slab Junction location, 17–31% at the midpoint of wall and 17–22% at
Base Slab Junction. It is also further observed that Bending Moment values of the
wall increase significantly once the seismic condition changes from lower to higher
seismic zone (zone-III to zone-IV) even for the same soil condition (GC-I, GC-II or
GC-III). With the changes of seismic level from non-seismic condition to Seismic
zone-III and IV, bending moment of the wall is increased by 5–11% at Roof Slab
Junction location, 5–13% at theMidpoint of wall and 23–32% at Base Slab Junction.
Comparison of Bending moment is shown in Fig. 2 for different surrounding ground
and Seismic Conditions.
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Table 6 Bending moment comparison of underground box structure roof slab under different
ground and seismic conditions

Ground condition Soil type Bending moment of underground box roof slab at
wall junction location, kN m

Non-seismic
condition

Seismic zone-III Seismic zone-IV

GC-I Loose to medium
silty fine sand

1320.2 1483.9 1603.2

GC-II Medium to dense
silty sand

1304.9 1435.9 1534.5

GC-III Very dense sand 1290.8 1406.6 1491.3

4.3 Bending Moment Comparison of Underground Box Roof
Slab Under Different Surrounding Ground and Seismic
Conditions

Bending moment comparison of underground box structure roof slab for three
different ground conditions (GC-I, GC-II and GC-III) within different seismic
conditions (non-seismic case and seismic zone-III and zone-IV) are shown in Table
6.

From the Bending Moment values mentioned in Table 6, it is observed that the
Bending Moment of the Roof Slab at the wall junction gradually decreases with
the improvement of surrounding ground conditions within the same seismic level
(non-seismic case and seismic zone-III and zone-IV). With the improvement of
surrounding ground conditions within the same seismic zone, the bendingmoment of
the Roof Slab is reduced by 1–5%. It is also further observed that Bending Moment
values of the Roof Slab increase significantly once the seismic condition changes
from lower to higher seismic zone (zone-III to zone-IV) even for the same soil condi-
tion (GC-I, GC-II or GC-III). With the changes of seismic level from non-seismic
condition to seismic zone-III and IV, bending moment of Roof Slab at wall junction
is increased by 6–12%.

4.4 Bending Moment Comparison of Underground Box Base
Slab Under Different Surrounding Ground and Seismic
Conditions

Bending moment comparison of underground box structure Base slab for three
different ground conditions (GC-I, GC-II and GC-III) within different seismic
conditions (non-seismic case and seismic zone-III and zone-IV) is shown in Table 7.

From the Bending Moment values mentioned in Table 7, it is noticed that
the Bending Moment of Base Slab at the wall junction gradually decreases with
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Table 7 Bending moment comparison of underground box structure base slab under different
ground and seismic conditions

Ground condition Soil type Bending moment of underground box base slab at
wall junction location, kN m

Non-seismic
condition

Seismic zone-III Seismic zone-IV

GC-I Loose to medium
silty fine sand

331.8 444.2 610.7

GC-II Medium to dense
silty sand

245 411.8 542.4

GC-III Very dense sand 185 395.6 503.5

the improvement of surrounding ground conditions within the same seismic level
(non-seismic case and seismic zone-III and zone-IV). With the improvement of
surrounding ground conditions within the same seismic zone, the bending moment
of the Base Slab is reduced by 4–13%. It is also further observed that Bending
Moment values of the Base Slab increase significantly once the seismic condition
changes from lower to higher seismic zone (zone-III to zone-IV) even for the same
soil condition (GC-I, GC-II or GC-III). With the changes of seismic level from non-
seismic condition to Seismic zone-III and IV, bending moment of Base Slab at wall
junction is increased by 25–38%.

5 Conclusions

In the current study, the behavior of underground box structure placed on varying
soil parameters under different seismic loading conditions has been studied. A series
of parametric studies was carried out to examine the soil and tunnel interface under
the same and different soil conditions with different seismic conditions. From the
present study, the following conclusions may be drawn:

• Deformation caused by surrounding ground gradually decreaseswith the improve-
ment of surrounding ground conditions. Racking deformation value reduced by
16–26% with the improvement of ground condition. With the improvement of
ground condition fromGC-I (Loose to medium silty fine sand) to GC-II (Medium
to dense silty sand) and from GC-II (Medium to dense silty sand) to GC-III
(Very dense sand), racking deformation value reduced by 26 and 16%, respec-
tively. Racking deformation values increase noticeably once the seismic condition
changes from lower to higher seismic zone even for the same soil condition (GC-
I, GC-II or GC-III). With the increase in seismic level from zone-III to zone-IV,
racking deformation is increased by 113% in the same soil condition.

• Bending Moment values of the Underground Box wall gradually decrease with
the improvement of surrounding ground conditions within the same seismic level.



346 C. Sarkar et al.

However, the decrease of Bending Moment of the Underground Box structure
wall is not uniform throughout the wall. It is different at different points of the
Underground Box structure wall. With the improvement of surrounding ground
conditions within the same seismic level, bending moment of the wall is reduced
by1–4%atwall-roof slab Junction location, 17–31%atwallmidpoint and17–22%
at wall-base slab Junction location.

• Once seismic condition changes from lower to higher seismic zone even for same
soil condition (GC-I, GC-II or GC-III), Bending Moment values of wall increase
significantly. However, this increase of Bending Moment of Underground Box
structure wall is also not uniform throughout the wall.With the changes of seismic
level from lower to higher, bending moment of the wall is increased by 5–11%
at Roof Slab Junction location, 5–13% at Midpoint of wall and 23–32% at Base
Slab Junction.

• With the improvement of surrounding ground conditions within the same seismic
zone, the bending moment of Roof Slab at wall junction location is reduced by
1–5%.

• BendingMoment values of Underground Box structure Roof Slab increase signif-
icantly once seismic condition changes from lower to higher seismic zone even
for same soil condition (GC-I, GC-II or GC-III).With the changes of seismic level
from zone-III to zone-IV, the bending moment of Roof Slab at wall junction is
increased by 6–12%.

• Bending Moment of Underground Box structure Base Slab gradually decreases
with the improvement of surrounding ground conditions within the same seismic
level (Seismic zone-III, zone-IV or non-seismic case). With the improvement of
surrounding ground conditionswithin the same seismic zone, the bendingmoment
of Base Slab at wall junction location is reduced by 4–13%.

• Once seismic condition changes from lower to higher seismic zone even for same
soil condition (GC-I, GC-II or GC-III), Bending Moment values of Base Slab
increase significantly. With the changes of seismic level from lower to higher
seismic, bending moment of Base Slab at wall junction is increased by 25–38%.
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Analysis of Lateral Loads on Piles
Supporting Liquid Storage Tanks

Akhila Manne, P. V. S. R. Prasad, and Madan Kumar Annam

Abstract Liquid storage tanks are usually located in nearshore or coastal regions
with soil profiles containing thick layers of compressible soils. These storage tanks
are usually of large diameter up to 90 m and carry high loads, and the tanks are
often placed on heavy foundations such as piles. Piles supporting such tanks are to
be designed for high lateral loads due to wind and earthquake, and any damage to
storage tanks with highly inflammable liquids leads to disastrous conditions (Niigata
and Alaska, 1964; 2011 Tohoku), etc. Performance of piles in liquefying ground
under earthquake loading has been extensively studied; however, seismic behavior
of piles in very soft clays has received relatively less attention, especially on their
lateral capacity. The design of laterally loaded piles due to soil movement relies
on several theoretical and numerical approaches. The subgrade reaction method (IS
2911 Part-1/Sect. 2: 2010) is most widely used for the design of laterally loaded piles
in India and using this method, estimation of the magnitude of soil movement with
reasonable confidence and accuracy is difficult. This paper discusses the analysis of
lateral load on piles supporting storage tanks using the subgrade reaction method and
load-deflection curves (p–y). The scope of this paper is limited to analysis using these
methods. The results of the study indicate that the maximum bending moment in the
piles that occurred during the earthquake using 3D FEM analysis is comparable to
their moment capacities.

Keywords Piles · Seismic load · Storage tanks · LPILE · PLAXIS 3D

1 Introduction

Pile foundations are designed to transfer vertical, lateral and torsional loads from
the superstructure to the bearing stratum. The design engineer considers factors
involving both performance of the foundation to support loading and the costs and
methods of construction for different types of foundations. The behavior of a pile
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under lateral loading is dependent on the soil reaction (resistance) at any point along
a pile and it is a function of pile deflection. Pile deflection, on the other hand, is
dependent on the soil resistance; therefore, estimating the response of a pile under
lateral loading is a soil-structure-interaction problem. Simplified analyses such as
the pseudo-static analysis procedure can be examined to understand the behavior of
piles under lateral loads. In pseudo-static analysis, a beam spring model is modeled
and site investigation data such as the SPT blow count can be used to capture the
basic mechanism of pile behavior.

Failure of a pile is either due to excessive bending moment that causes the devel-
opment of a plastic hinge or due to excessive deflection and in minor cases by the
shear failure of the pile. Piles are relatively vulnerable to lateral loads such as those
imposed by ground shaking during strong earthquakes. Failures or damage of tanks
with an insufficient freeboard or due to sloshing of stored fluids such as oil or chemi-
cals may result in the contamination of the soil or serious disasters. In the case of soil
liquefaction, this vulnerability is particularly pronounced since the loss of strength
and stiffness in the liquefied soil results in a significant loss of lateral support for the
embedded piles (1964 Niigata and 1995 Kobe earthquake).

In this paper, analysis of lateral load on pile foundation supporting storage tanks
using IS 2911 (Part-1/Sect.-2): 2010 and load-deformation curves is considered. The
scope of this paper is limited to simple calculations, 1D analysis and comparison of
same with 3D FEM analysis results.

2 Lateral Load on Tank Foundation

To determine the static/seismic load on the piles, computations are to be made. The
determination of seismic load on the foundation of liquid-containing tanks is calcu-
lated based on the hydrodynamic force exerted by the liquid on tank walls and based
on the impulsive (Vi) and convective (Vc) components. The impulsive or convective
component is expressed as V = Cs × W, where Cs is the impulsive/convective base
shear coefficient and W is the seismic weight of the impulsive/convective compo-
nent. The estimation of total lateral load due to earthquake can be arrived at based on
the site-specific spectra and API-650 (Annexure-E) [1] or IS 1893 (Part II) [2]. Since
tanks have higher utility and damage consequences, codes specify a higher impor-
tance factor for liquid-containing tanks,which further increases design seismic forces
for tanks.

In this paper, for the analysis and design of piles for lateral loads, a project site
located near shore containing thick layers of compressible soils supporting liquid
storage tanks (Fig. 1) is considered. The site consists of soft marine clay of 10m thick
followed by hard sandy clay of 7 m thick and highly weathered granitic formation
(Fig. 1). The tank is of diameter 41 m × height 20 m with floating roof for storing
inflammable fluids. The base of the tank rests on the pile cap (unanchored) and the
pile cap connects all the piles supporting the tank. The total lateral loads due to
wind and earthquake are to be estimated for the design of piles supporting the tank.
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Fig. 1 Schematic of tank foundation and soil profile of the project site

Based on API-650 and site-specific seismic spectra, max. lateral load and maximum
moment on the pile foundation are estimated. However, seismic moment shall not
be transferred to the tank as it is unanchored support.

Based on the estimated total seismic load, the number of piles/required capacity
for each pile is to be derived. However, liquefaction susceptibility of the soil or in this
case, susceptibility to ‘cyclic failure’ of the soil is to be checked and further design
is to be continued. IS 1893 (Part-1): 2016 suggests that if there is any presence of a
liquefiable layer within the design depth of pile foundation, lateral load on the pile
is to be estimated by neglecting the lateral resistance of that specific layer.

3 Preliminary Screening

For the design of the tank foundation, seismic zone III (IS 1893 Part-1: 2016 is
considered. To check for any possibility of cyclic failure, Chinese Criteria [3] can
be used for the screening of soil for cyclic failure. Seed et al. [4] based on post-
earthquake data and laboratory tests revised the criteria. Boulanger and Idriss [5]
identified that soils with plastic fines have been found to fail during earthquakes
if the liquid limit (LL) is less than 47 and the plasticity index (PI) is less than 20.
The soil was assessed as shown in Fig. 2 and does not fall under liquefiable criteria.
Therefore, lateral resistance of all soil layers can be considered while estimating the
lateral capacity of the pile.



352 A. Manne et al.

Fig. 2 Check for cyclic failure based on Idriss and Boulanger [5]

4 Static Analysis of Pile

The design of laterally loaded piles due to soil movement relies on several theo-
retical and numerical approaches. The analysis of a pile under only lateral loading
is complex, as mobilized soil reaction varies in proportion to the pile movement,
and the pile movement, on the other hand, is dependent on the soil response. This
is the basic problem of soil-structure interaction. The subgrade reaction method
suggested in IS 2911 (Part-1/Sect. 2) is based on the theory of a beam on an elastic
foundation. The theory considers a continuous flexural member with stiffness El
supported by infinitely closely spaced independent springs with a single stiffness
value ‘k’. However, the load-deformation characteristics of soils are not linear, and
it is necessary to use the modulus (stiffness/unit deflection) compatible with the
deflection of the flexural member. The load-deformation characteristics (p–y curves)
were assessed by various researchers from field tests on fully instrumented piles.
The static p–y curves can be thought of as backbone curves that can be correlated to
some extent with soil properties.

For the project site considered, for the design of piles, single pile analysis using
IS method and p–y curves [6] is considered for an 800 mm dia for both fixed and free
head conditions. pile. In the IS method, a single spring constant/idealized modulus
of subgrade reaction (ks) of soil is considered for the estimation of lateral loads.
Whereas, in LPILE, the load-deformation characteristics for each soil layer are
considered based on the established soil models. Soil properties considered in LPILE
analysis are listed in Table 1.

To estimate the load-carrying capacity based on the limiting deflection and pile
reinforcement based on the bending moment of the pile, analysis is run for various
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Table 1 Soil parameters used for the analysis

S. No. RL (m) Soil description SPT N Unit weight Cu ϕ

From To (kN/m3) (kPa) (deg)

1 4 0 Filled up soil 15 17 – 29

2 0 4 Clay (CH) 4 14.5 20 –

3 −7 −13 Clay (CI–CH) 11 16 20 –

4 −13 −17 Clayey silty sand 27 18.5 135 –

5 −17 −18.5 Highly weathered rock >60 20 300 –

6 −18.5 Weathered rock >100 20 600 –

loading conditions and head conditions. A pinned or free head condition assump-
tion usually overestimates the pile head displacement, and based on the pile-pile
cap connection in the proposed foundation, for practical purposes, the fixed head
condition is accurate. Figures 3 and 4 show the variation in deflection and bending
moment along the length of the pile for various head conditions. As predicted, max.
pile head deflection and max bending moment in the pile are greater in free head
condition compared to fixed head condition.

Apart from LPILE analysis, single pile analysis in free head condition was done
to compare the max. deflection and bending moment in free head condition. It is
understood that WALLAP [7] underestimates the deflection and bending moment in
comparison. Comparison of BM from both the analysis is plotted in Fig. 5. LPILE
results in comparison with IS method for both head conditions are shown in Fig. 6.

Fig. 3 Deflection and bending moment along the pile length for different lateral loads in free head
condition
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Fig. 4 Deflection and bending moment along the pile length for different lateral loads in fixed head
condition

From the pile load tests conducted on piles up to 2.5× load estimated from ISmethod
revealed that the lateral capacity of piles (Fig. 7) in the free head condition is higher
than that of predicted values.

From the estimated total lateral load encountered by tank foundation, lateral
capacity and bending moment for a single pile in this section, the total number
of piles required to support the tank and minimum reinforcement in the pile are
calculated.

5 Dynamic Analysis of Piles Supporting Tank

When the performance of the piles as a group is considered, computation of the
distribution of loading,moments and forces to each pile in the pile is to be understood.
To estimate these parameters, a 3D seismic response analysis of the piles is to be
conducted for which a computer program such as PLAXIS 3D is required. The
magnitude of soil movement is difficult to estimate with reasonable confidence and
accuracy in the subgrade reaction method.

In the 3D FEMmodel, in-situ soil condition, piles, pile cap and tank are modeled
as shown in Fig. 8. Load due to tank fluid with a density of 8.45 kN/m3 is consid-
ered as 154 kPa for a fluid height of 18.5 m. After rendering the model, site-specific
accelerogram is then applied to the base of the underlying bedrock. Load combina-
tions for the analysis are based on Cl.6.3.4 of IS 1893 (Part-1): 2016. In the analysis,
unfactored seismic signal is used.



Analysis of Lateral Loads on Piles Supporting … 355

-30.0

-28.0

-26.0

-24.0

-22.0

-20.0

-18.0

-16.0

-14.0

-12.0

-10.0

-8.0

-6.0

-4.0

-2.0

0.0

2.0

4.0
-20 0 20 40 60 80 100 120

El
ev

at
io

n 
(m

R
L)

Bending Moment (kNm)

WALLAP
Lpile

Fig. 5 Comparison of BM from WALLAP and LPILE for free head condition

From the analysis, a maximum transient pile movement of about 142 mm occur
momentarily during the earthquake. However, the post-earthquake (at the end of the
earthquake) residual pile deflection is only about 18.4 mm in tank full condition.
The maximum bending moment during and post-earthquake in the piles is about
375 and 141 kNm. This occurred at the outermost three rows of piles leading and
trailing of the earthquake shaking direction only. While the center piles show much
less bending moment, the bending moments of the pile that occurred during the
earthquakes are comparable to the moment capacity of the pile. The results confirm
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that the reinforcement considered based on the analysis using beam on subgrade
reaction approach is adequate.

6 Conclusions

Damage to the foundation of the storage tank during an earthquake can be catas-
trophic. For the design of piles in soft soils supporting storage tanks, analysis is
conducted using the subgrade modulus approach. This approach is the basis for IS
code methods and for various software for lateral pile analysis. Using IS method and
LPILE software, maximum lateral load-carrying capacity and bendingmoment in the
pile are estimated for different pile head conditions. The estimated lateral capacity
and bending moment are helpful to arrive at the total number of piles required to
support the tank and minimum reinforcement in the pile. Since the sub-soils (clays)
are not susceptible to cyclic failure during the earthquake, the total estimated lateral
capacity is considered without any reduction.

To check the adequacy of the pile design during the earthquake, 3D PLAXIS
analysis is carried out with a site-specific seismic accelerogram. The analysis shows
that during the earthquake shaking process and after the earthquake in both the tank
full and empty conditions the re-bars provided are sufficient.
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Fig. 7 Pile deflection recorded in in-situ lateral pile load test (free head condition)
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Fig. 8 PLAXIS model and accelerogram used for the analysis
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Dynamic Response Characteristics of Pile
Group Under Axial Harmonic Loading

Shiva Shankar Choudhary, Sanjit Biswas, and Bappaditya Manna

Abstract This study is intended to check the performance of linear and nonlinear
theories to determine the dynamic characteristics of the pile supportedmachine foun-
dations. Forced vibration tests are performed in the field on a 3-pile group having
pile length of 3 m and outer diameter of 0.114m subjected to axial harmonic loading.
The dynamic tests are performed for four different eccentric moments under a static
load of 12 kN. The frequency-amplitude responses are measured for each eccentric
moment. Theoretical study is also performed using both the linear and nonlinear solu-
tions which are based on continuum approach method. The theoretically predicted
frequency-amplitude responses are compared with the dynamic field test results for
all the eccentric moments. It is found that the predicted responses of the linear
solution indicate lower values of the resonant amplitude and much higher values
of the resonant frequency as compared to the test results. In the case of nonlinear
solution, the predicted dynamic response curves are reasonably well matched with
the tests results. Such agreement with the nonlinear analysis results are achieved
by considering precise values of boundary zone parameters and soil-pile separation
lengths.
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responses · Continuum approach analysis
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1 Introduction

Piles are used as foundations to resists controlled forces such as machinery and
vibrating equipment or uncontrolled forces such as earthquake, oceanwave, andwind
force.Geotechnical engineers usually face problems associatedwith the designof pile
foundations under dynamic loads because of the complex pile-soil-pile behavior. Pile
supportedmachine foundation behave in a nonlinear fashionwith high displacements
because of the soil nonlinearity, soil-pile separation, and slippage between pile and
soil. Hence, in the case formachine induced harmonic loading, special considerations
have to be taken in the analysis and design of pile foundations. To study the complex
combined behavior of soil-pile, many researchers [1–3] performed various field tests
on piles to determine the dynamic field and theoretical responses under machine
induced harmonic loading. Many theoretical investigations have been done in order
to predict the dynamic nonlinear response and impedance parameters (stiffness and
damping) of the soil-pile system. Elkasabgy and Naggar [4] and Biswas and Manna
[5] performed the dynamic field tests on piles and compared the results with the
nonlinear theoretical curves obtained using a continuum approach analysis. From the
studies, it was observed that the theoretical analysis provided a reasonable estimation
of frequency-amplitude response curves as compared to the field test results under
dynamic loading. Khalil et al. [6] reveal that the soil-pile analysis based on Novak’s
approach yields similar trends to those obtained from the finite element model under
axial harmonic loading. From the results, it is also observed that the loading frequency
has a great impact on the dynamic impedance parameters and the induced ampli-
tudes. It is found from the previous research work that the prediction of boundary
zone parameters and separation lengths between pile and soil under harmonic loading
is a basic need to predict the nonlinear response of piles which has not been thor-
oughly investigated so far. It has been also observed that the experimental verification
of different theories was rarely studied. Hence, in the current study, behavior of a
3-pile group is investigated and the performance of the linear (without boundary
zone) and nonlinear (with boundary zone) continuum method is monitored under
machine induced axial harmonic loading.

2 Site Characterization and Location

In the present study, dynamic field tests are performed in between block II and III
at the Indian Institute of Technology Delhi campus; New Delhi, India. Different in-
situ and laboratory tests are performed to investigate the subsurface soil conditions.
Standard penetration test (SPT) tests are conducted and simultaneously disturbed
and undisturbed soil samples are collected from the borehole. Different laboratory
tests are carried out to characterize the soil properties. It is found based on in-situ
and laboratory test results that the soil layers are mainly clayey silt. The measured
soil properties of with layers are presented in Table 1.
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Table 1 Soil properties at test site

Soil property Layer 1 (0.0–2.5 m) Layer 2 (2.5–3.5 m)

Moisture content (%) 9.20 7.52

Bulk density (kN/m3) 16.74 15.88

LL (%) 33.59 38.30

PL (%) 20.14 23.23

Particle size distribution Sand—39%, Silt—43%,
Clay—18%

Gravel—3%, Sand—36%,
Silt—42%, Clay—19%

Shear modulus (kN/m2) 1.3 × 104 2.3 × 104

3 Axial Harmonic Loading Test

The hollow steel pipes of 3.0 m long (l), 0.114 m outer diameter (d), and 0.003 m
thickness (t) is used as pile. These dimensions of the pile are selected for testing
because it is intended to use a plie having a standard slenderness ratio (l/d = 26) for
the study. The piles are embedded into undersize boreholes (made by 0.1 m diameter
augur) with the help of tripod and SPT hammer to create good contact between pile
and soil. To ensure the end bearing, the bottom end of the pile is closed with steel
plate. A pile spacing of 3d is maintained during the pile driving.

The harmonic force on pile foundation is generated by a mechanical oscillator.
The magnitude of the force is controlled by adjusting the eccentricity (θ ) of the
rotating masses. The value of generated eccentric moment (m.e) can be written as

m.e = (W/g).e = [0.9 sin(θ/2)]/gNsec2 (1)

where W and m are the weight and mass of eccentric rotating parts, respectively.
e = eccentric distance of the rotating masses, g = acceleration due to gravity.

A steel pile cap is placed on the top of the pile followed by a bunch of steel plates
and a mechanical oscillator. The axial harmonic loading field tests are performed
on 3-pile group setup under a static load (Ws) of 12 kN (including the weight of
the pile cap, steel plates, and oscillator) for four different eccentric moments (W.e
= 0.868, 1.269, 1.631, and 1.944 Nm). The frequency-amplitude responses of the
system are measured at different frequencies (0–50 Hz) by a data acquisition system.
One accelerometer is attached vertically on the topmost plate at the center of the soil-
pile loading system to measure the acceleration. One frequency measuring sensor is
attached to the DC motor to obtain the operating frequency during dynamic testing.
The time-acceleration and time–frequency response are measured during the axial
harmonic test and from these response curves, frequency versus amplitude curves
are determined. The experimental test setup is shown in Fig. 1.
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Fig. 1 Complete vertical vibration test setup of 3-pile group

4 Theoretical Analysis

In the present work, the continuum approach [7] is used to determine the linear and
nonlinear dynamic response of 3-pile group. Two different soil models are analyzed
in the present study, i.e., linear model (without boundary zone parameters) [8] and
nonlinear model (with boundary zone parameters) [9]. The boundary zone is defined
by an annular soil zone around the pile with reduced shear modulus and increased
damping relative to the free field with no boundary zone soil mass to prevent wave
reflections from the fictitious interface between the cylindrical zone and the outer
region. This boundary zone can replicate the effect of soil nonlinearity, soil-pile sepa-
ration, slippage on the dynamic pile response. This theoretical method is available
as a software package named DYNA 5 which is used in this study.

4.1 Boundary Zone Parameters

The boundary soil zone is characterized by the boundary zone parameters, i.e., shear
modulus reduction factor (Gm/G), weak zone soil damping (Dm), thickness ratio
(tm/R), and soil-pile separation (ls) which are used to obtain the non-linear frequency-
amplitude response of the pile group. These theoretical boundary zone parameters
are arranged in such a way that the predicted response curves match with the field
test results. The variation of shear modulus reduction factor and weak zone soil
damping for different eccentric moment is shown in Fig. 2. In the analysis, the soil-
pile separation lengths are also considered as 1.05d (= 0.12 m) forW.e= 0.868 Nm
and 1.27d (= 0.145 m) for W.e = 1.944 Nm.
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Fig. 2 Variations of boundary zone parameters with depth under axial loading condition

5 Theory Versus Experiment

5.1 Linear Analysis

Comparison between field test response and theoretical linear response curves is
shown in Fig. 3 under varying eccentric moments. From the figure, it is observed
that the predicted linear response shows lower values of the resonant axial amplitude
and much higher values of resonant frequency as compared to the field test results.
The theoretically predicted resonant frequency is found approximately 25% higher
and resonant amplitude is found approximately 19% lower as compared to the field
test results. These differences in the pile responsesmay occur due to the consideration
of perfect bonding between the pile and soil and inconsideration of soil nonlinearity.
However, in the actual field condition, the boundary soil zone and soil-pile separation
may develop due to soil nonlinearity and soil-pile slippage which leads to the change
in the stiffness of the soil-pile system due to the increase of dynamic loading.
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Fig. 3 Comparison of response curves of 3-pile group under axial loading obtained from
experiments and linear analysis

5.2 Nonlinear Analysis

It is found that the linear analysis is not very suitable to predict the dynamic response
of the pile foundation. Therefore, the nonlinear dynamic analysis is carried out with
the help of DYNA 5 software to determine the frequency-amplitude response of
the pile foundation by considering the boundary zone parameters. Comparisons of
dy-namic response obtained from experimental testing and nonlinear solution are
shown Fig. 4. It is noted that the differences between test and analytical results of
resonant frequencies and amplitudes are reduced as compared to the linear analysis.
From the comparison curves, it is also noted that the pattern of response curves
indicate nonlinearity for both experimental and analytical solution as the resonant
frequencies are decreased and resonant amplitudes are disproportionally increased
with the increase of excitation forces.

A single resonant peak is observed from all the experimental and analytical
dynamic responses of pile group for axial loading which indicate that the move-
ment of the pile foundation is predominantly occurred in axial direction within that
frequency range.
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Fig. 4 Comparison of response curves of 3-pile group under axial loading obtained from
experiments and nonlinear analysis

6 Conclusions

The frequency-amplitude response of the 3-pile group for different eccentric
moments has been studied under axial harmonic loading. It is noted from the test
results that the field response curves of piles indicate nonlinear behavior as the reso-
nant frequencies decrease and resonant amplitudes disproportional increase with the
variation of eccentric moments. From the theoretical analysis, it is observed that
the resonant amplitudes of piles are underestimated and the resonant frequencies
are overestimated by the linear approach under axial loading. In case of nonlinear
analysis, the differences between predicted and test results of resonant frequencies
and amplitudes values are reduced as compared to linear analysis. From the present
investigation, it is also observed that the accuracy of predicting nonlinear responses
mainly influence by the choice of boundary zone parameters. It can be concluded that
nonlinear analysis with boundary zone and soil-pile separation is more capable to
predict the resonant frequencies and amplitudes accurately for all eccentric moments
as compared to linear analysis. Therefore, the nonlinear soil model can be used as
realistic and versatile model for dynamic analysis of pile.
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Comparison of Response of Pushover
Analysis and Dynamic Analysis of Pile
Foundation

Bidisha Borthakur and Arup Bhattacharjee

Abstract Pile foundations are the most vulnerable components of the entire struc-
ture and are prone to failure due to earthquake loading. Thus it is mandatory for
proper seismic analyses to be conducted with the incorporation of all the necessary
influencing factors to ensure no failure occurs to the pile foundation. Even though
dynamic analysis has been the conventional seismic analysismethod, a newnonlinear
static analysis known as pushover analysis is seen to realistically predict earthquake
response of the pile. This calls for proper research to be conducted to check if static
pushover analysis can be used as an alternative to dynamic analysis for seismic anal-
ysis of structures to save time and ease on the complexity of dynamic analysis. In this
research work, single piles of different diameter have been taken into consideration
which has been embedded in stratified soil containing layers of different soil types.
Dynamic analysis and static pushover analysis have been conducted for each case
to compare the results of both the analyses. The Finite Element modeling as well as
the analyses has been conducted in the user friendly interface of OpenSees known as
OpenSees PL. From the results obtained, it is seen that pushover analysis can estimate
the maximum bending moment witnessed by the pile while taking into account the
effects of surrounding soil condition on it due to earthquake loading. Similar results
of maximum bending moment have been obtained for both the analyses.s

Keywords Pushover analysis · Dynamic analysis · OpenSees PL

1 Introduction

1.1 General

Pile foundations have always been a solution to civil engineers when load has to be
transferred from the superstructure through weaker soil strata onto less compress-
ible soil or rock. However from various seismic investigations, it has been found that
piles are themost vulnerable components of the entire structure and failure of pile has
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been seen to result in the failure of the entire structure. The main reason behind this
could be the unaccountability of surrounding soil condition while designing the pile
foundation. In earthquake prone areas, the surrounding soil result in a combination
of vertical and horizontal forces acting on the pile in addition to the load from the
superstructure. Thus pile foundation should be designed by taking all the necessary
factors into consideration such that no failure of foundation occurs due to seismic
loading and proper seismic analyses should be conducted to do so. The dynamic
analysis has been the conventional seismic analysis method for obtaining response
of a structure due to earthquake loading. However, in recent times it has been seen
that static nonlinear pushover analysis can be used in seismic design because of its
ability to simulate equivalent peak load that occurs on the structure during earth-
quake. The ability of pushover analysis to simulate the peak dynamic response of
structure decides the accuracy of this method [5]. The pushover analysis helps to
improve understanding of post-yield structural behavior and results in more accu-
rate prediction of global displacement along with realistic prediction of earthquake
demand in individual structural elements [2]. It can also approximately take into
account the redistribution of internal forces occurring in the structure due to inertia
force which cannot be resisted within elastic range of the structure, thus helping to
predict the seismic forces acting on the structure when seismic load is applied, which
can further help in controlling the performance of the structure when subjected to
earthquake [3].

Since pushover analysis can accurately simulate the dynamic response of a struc-
ture in spite of being a static analysis, its use as an alternative to dynamic analysis
should be checked in order to make seismic analyses less complex and less time
consuming. In this research work, single piles of different diameter embedded in
different stratified soil conditions have been taken into consideration. Dynamic anal-
ysis as well as static pushover analysis has been conducted for each case to check
the accuracy of response of pile due to pushover analysis with dynamic analysis.

1.2 3D Ground-Foundation Analyses Using OpenSees PL

A user-friendly interface of OpenSees, known as OpenSees PL was created using the
using the pre- and post- processing efforts ofOpenSees. OpenSees PLwas created for
3D foundation-ground analyses such that the complicated soil-structure interaction
mechanism could be incorporated while analyzing the foundation under seismic
loading in order to represent the actual geometric configuration that is involved
due to soil-structure interaction. It is a FE graphical user-interface for 3D ground-
structure interaction response which allows conducting pushover analysis as well
as seismic simulations [7]. This Finite Element Analysis software utilizes object-
oriented design principles and programming approach and can incorporate element
formulation, material relations, analysis algorithms and solution strategies.
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1.3 Validation of Seismic Analysis Using OpenSees PL

The seismic analysis of pile foundation using OpenSees PL is validated with the
results obtained byLu et al. [4] and analytical results obtained byAbedzedah et al. [1].
A circular free-head pile of 10.15m length and radius 203.20mm, fully embedded in a
20.12 m soil domain of submerged unit weight 9.87 kN/m3 is modeled in OpenSees
PL [4]. The pile is modeled using linear beam-column elements so that bending
moment, axial loads and shear force could be viewed easily with rigid beam-column
elements representing the diameter and interface with the surrounding soil elements.
The soil is modeled using 8-node brick elements withMultiYield material to capture
seismic events accurately. Lateral incremental pushover loading is applied mono-
tonically at the pile head up to a total load of 140.12 kN. Figure 1. shows the pile
deflection and the bending moment experienced by the pile throughout its length
due to pushover loading. From the results, it is seen that pile response in terms of
deflection and bending moment obtained from pushover analysis in OpenSees PL is
similar to the analytical results of pushover analysis obtained by [1]. Thus for the
seismic analysis of pile foundation in OpenSees PL for this study, modeling is done
as per [4].

2 Seismic Analyses of Pile Embedded in Stratified Soil

Single piles of diameters 0.4 m and 0.8 m are considered to be fully embedded
in stratified soil containing different layers of cohesive soil and cohesionless soil.
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(b) bending moment of pile for seismic analysis of pile-soil system for validation
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Dynamic analysis aswell as pushover analysis is conducted on each pile for each case
of surrounding soil condition to compare to response of pile for both the analyses.

2.1 Numerical Modeling of Pile-Soil System in Opensees PL

The numerical modeling of pile is done in OpenSees PL according to [4]. To demon-
strate the influence of non linear soil response, [7] considered a cohesion of 40.68 kPa
in addition to the elastic properties specified by [4]. The fixed head circular piles of
diameter are considered to be fully embedded in a 10 m soil domain consisting
of various combinations of layers of soil. The pile is modeled using beam-column
elements and rigid beam-column elements are used to represent the cross-sectional
diameter and the interface with the soil elements surrounding the pile. The water
table is considered to be up to the ground surface. The mass densities of the piles are
taken as 2400 kg/m3. The Young’s modulus and the shear modulus are 3 × 107 kPa
and 1.154 × 107 kPa respectively. For 0.4 m diameter pile, the moment inertia of
the pile and torsion constant is 0.00125 m4 and 0.00251 m4 respectively. For 0.8 m
diameter pile, the moment inertia of the pile and torsion constant is 0.02010 m4 and
0.040212 m4 respectively.

The modeling of the non linear soil domain is done using 8-node brick elements.
Cohesionless soil is modeled using PressureDependMultiYield soil model and cohe-
sive soil is modeled using PressureIndependMultiYield model. The water table is
considered up to the pile head so as to consider liquefaction analysiswhile conducting
dynamic or pushover analyses. The boundary condition is rigid box type and is
considered to be fixed at the bottom in all directions. The plane of symmetry for
half mesh configuration is fixed in Y direction while keeping it free in Z and X
direction to model 3D full mesh scenario. The details about the soil elastic proper-
ties, soil nonlinear properties, fluid properties, dilatancy properties and liquefaction
properties for the saturated cohesionless soil and cohesive soil are given in Table 1.

Wang [7] demonstrate the influence of non linear soil response in addition to the
elastic response specified by [4]. On this pile-soil system, pushover analysis was
conducted by Wang [7] by applying a total load of 420.36 kN incrementally at the
pile head. Figure 2 shows the comparison of pushover curve for a typical case of
single pile embedded in single layered soil as obtained by Wang [7] and in present
analyses. It is seen from the results that the pushover analysis curve is comparable
to that obtained by Wang [7] for both soil cases.
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Table 1 Soil Properties of cohesionless and cohesive soil

Cohesionless very
loose sand

Cohesionless
Dense sand

Cohesive
medium soil

Cohesive stiff
soil

Soil elastic properties

Saturated mass
density (Mg/m3)

1.7 2.1 1.5 1.8

Reference
pressure (kPa)

80 80 100 100

Reference Shear
modulus (kPa)

55,000 130,000 60,000 150,000

Reference Bulk
modulus (kPa)

150,000 390,000 300,000 750,000

Soil nonlinear properties

Friction (deg) 29 40 0 0

Cohesion (kPa) 0.2 0.3 37 75

Fluid properties

Fluid mass
density (Mg/m3)

1 1 1 1

Horizontal
permeability (m/s)

6.6E-05 6.6E-05 1.00E-0.9 1.00E-0.9

Vertical
permeability (m/s)

6.6E-05 6.6E-05 1.00E-0.9 1.00E-0.9

Dilatancy/liquefaction properties

Phase
transformation
angle (deg)

29 27 – –

Contraction
parameter

0.21 0.03 – –

Dilation
parameter 1

0 0.8 – –

Dilation
parameter 2

0 5 – –

Liquefaction
parameter 1

10 0 – –

Liquefaction
parameter 2

0.02 0 – –

Liquefaction
parameter 3

1 0 – –
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Fig. 2 Pushover analysis
curves for typical case of
single pile embedded in
single layered soil
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2.2 Numerical Modeling of Piles Embedded in Multi-Layered
Soil

Using the validated model properties, the fixed head piles of different diameters
embedded in various combinations of soil layers are considered for dynamic as well
as pushover analysis. The soil domain of 10 m depth consist of two or three layers
of different cohesive and cohesionless soil types considered in the present analysis
is shown in Table 2 and Fig. 3.

2.3 Dynamic Analysis Results of Single Pile Embedded
in Stratified Soil

In order to apply an earthquake of magnitude 7.0 in Richter scale [6], dynamic
excitation in the form of sinusoidal wave of 0.3 g peak ground acceleration having
frequency of 2 Hz is applied for 10 cycles at the base of the pile. Table 3 shows
the maximum pile head displacement for each case of surrounding soil conditions
obtained from dynamic analysis. The pile head displacement is seen to be high for
soil containing layers of cohesionless very loose sand at any location.

Figure 4 shows the bending moment profiles of 0.4 m and 0.8 m diameter piles
surrounded by double layered and triple layered soils. From the graphs, it is seen that
presence of cohesionless very loose sand in any layer results in higher magnitude
of bending moment witnessed by the piles for both 0.4 m and 0.8 m diameter piles.
However, cohesionless dense soil in any layer is seen to result in lower magnitude
of bending moment witnessed by the piles.

For 0.4 m diameter pile surrounded by cohesionless dense sand placed above
cohesive medium soil, maximum magnitude of bending moment witnessed by pile
is 176.42 kN-m. By interchanging the positions of layers i.e. cohesive medium soil
placed above cohesionless dense sand, the maximum bending moment reduces to
87.01 kN-m. By replacing cohesionless dense sand layer with cohesionless very
loose sand, the magnitude of maximum bending moment is 208.01 kN-m for sand
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Table 2 Soil combinations
of double and triple layered
soil profile

Combination Layer Soil Depth

Double layered soil

1 Layer 1 Cohesionless dense sand 5 m

Layer 2 Cohesive medium soil 5 m

2 Layer 1 Cohesive medium soil 5 m

Layer 2 Cohesionless dense sand 5 m

3 Layer 1 Cohesionless very loose sand 5 m

Layer 2 Cohesive medium soil 5 m

4 Layer 1 Cohesive medium soil 5 m

Layer 2 Cohesionless very loose sand 5 m

Triple layered soil

5 Layer 1 Cohesive medium soil 2 m

Layer 2 Cohesionless dense sand 6 m

Layer 3 Cohesive medium soil 2 m

6 Layer 1 Cohesive stiff soil 2 m

Layer 2 Cohesionless dense sand 6 m

Layer 3 Cohesive stiff soil 2 m

7 Layer 1 Cohesive medium soil 2 m

Layer 2 Cohesionless very loose sand 6 m

Layer 3 Cohesive medium soil 2 m

8 Layer 1 Cohesive stiff soil 2 m

Layer 2 Cohesionless very loose sand 6 m

Layer 3 Cohesive stiff soil 2 m
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Fig. 3 Pile embedded in soil consisting of (a) double layered soil (b) triple layered soil



374 B. Borthakur and A. Bhattacharjee

Table 3 Pile head displacements of piles surrounded by different soil combinations

Soil combination 0.4 m diameter 0.8 m diameter

Double layered soil

Cohesionless dense sand + Cohesive medium soil 0.004999 m 0.005275 m

Cohesive medium soil + Cohesionless dense sand 0.001243 m 0.001197 m

Cohesionless very loose sand + Cohesive medium soil 0.01033 m 0.01437 m

Cohesive medium soil + Cohesionless very loose sand 0.0222 m 0.01827 m

Triple layered soil

Cohesive medium soil + Cohesionless dense sand +
Cohesive medium soil

0.003225 m 0.002436 m

Cohesive stiff soil + Cohesionless dense sand + Cohesive
stiff soil

0.0006194 m 0.0006046 m

Cohesive medium soil + Cohesionless very loose sand +
Cohesive medium

0.01915 m 0.01807 m

Cohesive stiff soil + Cohesionless very loose sand +
Cohesive stiff

0.005404 m 0.009867 m

layer placed above cohesivemedium soil layer. On interchanging the positions of soil
layers, the magnitude of maximum bending moment increase to 742.39 kN-m. For
triple layered soil containing cohesionless dense sand sandwiched between cohesive
medium soil layers, the maximum magnitude of bending moment is 218.36 kN-m.
By replacing cohesive medium soil layers with cohesive stiff soil, the magnitude
of maximum bending moment reduces to 61.05 kN-m. For cohesionless very loose
sand sandwiched between cohesive medium soil layers, the magnitude of maximum
bending moment is the highest with magnitude 481.53 kN-m. However, on replacing
cohesive medium soil layers with cohesive stiff soil, the maximum bending moment
reduces to 394.92 kN-m.

For 0.8mdiameter piles, pile surrounded by cohesionless dense sand placed above
cohesive medium soil layer, the maximum bending moment of magnitude is 992.65
kN-m. By interchanging the position of soil layers, the bending moment reduces to
809.65 kN-m. For cohesionless very loose sand placed above cohesive medium soil,
the magnitude of maximum bending moment is 1897.81 kN-m. By interchanging
position of soil layers, the bending moment is 3891.9 kN-m. Further, for triple
layered soil, the maximum magnitude of bending moment of pile surrounded by
cohesionless dense sand sandwiched between cohesive medium soil layers is 1127.7
kN-m. By replacing cohesive medium soil layers with cohesive stiff soil results in
lower magnitude of maximum bending moment of 408.08 kN-m. For 0.8 m diam-
eter pile surrounded by cohesionless very loose sand sandwiched between cohesive
medium soil layer, the maximum magnitude of bending moment is 2934.02 kN-m.
By replacing cohesive medium soil layer with cohesive stiff soil, the magnitude of
maximum bending moment on pile is 2998.6 kN-m.
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Fig. 4 Bending moment results of (a) 0.4 m diameter pile in double layered soil (b) 0.4 m diameter
pile in triple layered soil (c) 0.8 m diameter pile in double layered soil and (d) 0.8 m diameter pile
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From the results of dynamic analysis, it is thus seen that bending moment
witnessed by pile due to different surrounding soil conditions is influenced by the
pile diameter, number of soil layers as well as with the positioning of soil types.

2.4 Pushover Analysis Results of Single Pile Embedded
in Stratified Soil

The pushover analysis of pile surrounded by different soil combinations is conducted
by pushing the pile until pile head displacement as obtained from dynamic analysis
is achieved. Monotonically increasing horizontal load of 10 kN is applied at the pile
head for static pushover analysis. Figure 5 shows the bending moment witnessed by
each pile surrounded by different double layered and triple layered soil combinations
due to pushover analysis.

For 0.4 m diameter pile surrounded by cohesionless dense sand placed above
cohesive medium soil, the magnitude of maximum bending moment is 209.4 kN-m.
The maximum bending moment reduces to 68.72 kN-m by interchanging position of
the soil layers. By replacing cohesionless dense sand with cohesionless very loose
sand, the maximum bending moment is 302.4 kN-m for very loose sand layer placed
above cohesive medium soil layer. By interchaning of the positions of soil layers, the
maximum bending moment increases to 861.5 kN-m. For triple layered cohesionless
dense sand sandwiched between layers of cohesive medium soil surrounding 0.4 m
diameter pile, maximum bending moment is 235.6 kN-m. By replacing cohesive
medium soil with cohesive stiff soil, the maximum bendingmoment reduces to 83.63
kN-m. For pile surrounded by cohesionless very loose sand sandwiched between
cohesive medium soil layers, the maximum bending moment is 561.5 kN-m. By
replacing cohesive medium soil layer with cohesive stiff soil, the maximum bending
moment is 459.6 kN-m.

For 0.8 m diameter pile surrounded by cohesionless dense sand placed above
cohesive medium soil, maximum magnitude of bending moment is 1209 kN-m. By
interchanging the position of soil layers, the maximum bending moment reduces to
904.7 kN-m. By replacing the cohesionless dense sand layer with cohesionless very
loose sand, the magnitude of maximum bending moment is 1964 kN-m for sand
layer placed above cohesive medium soil layer. By changing the position of soil
layers, the magnitude of maximum bending moment increase to 4798 kN-m. For
triple layered soil containing cohesionless dense sand sandwiched between cohesive
medium soil layers, the maximum magnitude of bending moment is 844.9 kN-m.
By replacing cohesive medium soil layers with cohesive stiff soil, the magnitude
of maximum bending moment reduces to 341.7 kN-m. For cohesionless very loose
sand sandwiched between cohesive medium soil layers, the magnitude of maximum
bending moment is 3564 kN-m. However, by replacing cohesive medium soil layers
with cohesive stiff soil, the maximum bending moment reduces to 3058 kN-m.
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Fig. 5 Bending moment results of (a) 0.4 m diameter pile in double layered soil (b) 0.4 m diameter
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From the results of pushover analysis, it is thus seen that type of surrounding soil
as well as the positioning of soil layers influence the maximum bending moment
witnessed by 0.4 m as well as 0.8 m diameter pile.

2.5 Comparison of Pushover and Dynamic Analyses
of Pile–Soil System

From the results of dynamic analysis and pushover analysis of 0.4 m and 0.8 m diam-
eter piles surrounded by double layered and triple layered soil containing combina-
tions of cohesionless soil and cohesive soil, it is observed that the surrounding soil
influences the seismic response of pile. It is also observed that the bending moment
profiles obtained for 0.4 m and 0.8 m diameter pile are different for both the anal-
yses due to difference in location of load application for both the analyses. However,
the magnitude of maximum bending moment witnessed by each pile is seen to be
comparable for both the analyses for each surrounding soil condition. Figure 6 shows
the comparison of maximum bending moment witnessed by each pile for each soil
combination due to dynamic and static pushover analysis. It is seen that 0.4 m diam-
eter pile experiences similar magnitudes of maximum bending moment for double
layered as well as triple layered soils. For 0.8 m diameter pile surrounded by cohe-
sionless dense sand sandwiched between layers of cohesive soil, dynamic analysis is
seen to result in slightly higher magnitude of maximum bending moment than static
pushover analysis.

Thus, from the comparison results it can be inferred that pushover analysis can
estimate the maximum bending moment witnessed by pile due to dynamic anal-
ysis. Therefore it can be stated that static pushover analysis can be used to predict
the maximum bending moment witnessed by pile due to seismic loading with the
incorporation of soil-structure interaction.

3 Conclusion

From the analysis results and comparison of dynamic analysis and static pushover
analysis of piles surrounded by startified soil, it can be concluded that:

• Pushover analysis as well as dynamic analysis results shows that the seismic
response of pile embedded in stratified soil is influenced by the surrounding soil
conditions.

• The type of soil and the position of soil layer influence the bendingmoment acting
on the pile.

• Static pushover analysis can predict the magnitude of maximum bending moment
witnessed by pile surrounded by stratified soil due to seismic loading.
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Fig. 6 Comparison of
magnitude of maximum
bending moment for 0.4 m
and 0.8 m diameter pile
surrounded by
(a) Cohesionless dense sand
+ Cohesive medium soil
(b) Cohesive medium soil +
Cohesionless dense sand
(c) Cohesive medium soil +
Cohesionless dense sand +
Cohesive medium soil
(d) Cohesive stiff soil +
Cohesionless dense sand +
Cohesive stiff soil
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• Static pushover analysis can be used to estimate the maximum bending moment
witnessed by pile due to seismic loading with the incorporation of soil-structure
interaction in place of dynamic analysis.
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Application of Wave Propagation
with Low Strain Pile Integrity
Test—A Case Study

J. Prakashvel, S. Harishkumaran, P. Vasudevan, and K. Sathishkumar

Abstract Piles should possess the structural integrity to carry the design load and
transfer to the soil/rock below. As per Indian standard IS 14893:2001, in general
following defects are observed in the pile, which may lead to catastrophic failure. (a)
Pile shaft necking, (b) Discontinuity of concrete, (c) Intrusion of foreign matter, (d)
Improper toe formation due to contamination of concrete at the base with soil parti-
cles, (e) Washing of concrete due to high water current, and (f) Poor quality control
with improper construction methods. NDT-based low strain pile integrity testing can
be effectively used for evaluation of quality and acceptance of pile foundations. Low
strain pile integrity test is based on pulse echo method. Pile integrity tester gives the
velocity plot versus time. The plot is observed for the reflections, which indicate the
change in the property of wave passing medium. The reflections may be due to soil
resistance (stiffness) effects, cross-sectional changes, and soil property changes. In
this study, bored cast-in-situ piles are evaluated for its integrity.

Keywords Pile integrity ·Wave propagation · Pile shaft

1 Introduction

NDT-based low strain pile integrity testing can be effectively used for evaluation
of quality and acceptance of pile foundations. Piles should possess the structural
integrity to carry the design load and transfer to the soil/rock below. As per Indian
standard IS 14893:2001 [4], in general following defects are observed in the pile,
which may lead to catastrophic failure. (a) Pile shaft necking, (b) Discontinuity of
concrete, (c) Intrusion of foreign matter, (d) Improper toe formation due to contami-
nation of concrete at the base with soil particles, (e) Washing of concrete due to high
water current, and f)Poor quality control with improper construction methods. This
is economical method to test all the piles in the site compared to the cost of doing load
tests for 0.5 to 2% of total no of piles at site. Low strain pile integrity test is based on
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pulse echo method. The test is termed as low strain method because a small hammer
is used to generate a short wave of appreciable acceleration with low strain levels.
Many numbers of piles can be tested at the site with this method. Pile integrity tester
gives the velocity plot versus time. The plot is observed for the reflections, which
indicate the change in the property of wave passing medium. The reflections may
be due to soil resistance (stiffness) effects, cross-sectional changes, and soil prop-
erty changes. In this study, the details of investigations and the inferences drawn on
bored cast-in-situ piles for its integrity carried out at site by way of performing low
strain pile integrity tests on 160 piles of TG foundation at Thermal power plant are
presented. Thilakasiri [1] have modeled the wave propagation through the pile using
the Wave Equation Method. He has divided the pile into 200 elements with varying
soil stiffness along the pile shaft. With an artificial velocity pulse, velocity of the
same element for varying ground conditions and the defects commonly encountered
in Sri Lanka is determined and the location of the defects and its appearance in
the velocity plot is investigated. Surya J Varma et al have evaluated the structural
integrity of pile foundations by Pile Integrity Testing at bridge construction site in
Tamil Nadu [5].

2 Motivation and Objective(s)

To study the wave propagation in the piles to evaluate the integrity and depth of piles.

3 Methodology

We performed low strain pile integrity tests on all 160 piles of the Turbo Generator
(TG) foundation of Unit-1 at 2× 660MW Super thermal Power Plant. The diameter
of the pile is 760 mm. The piles are laid below the raft concrete block. The columns
will be constructed from the raft concrete. The soil in the site is of clay and the site
is ash dyke of a thermal power plant. They have consolidated the soil with the sand
piles near all the concrete piles. This has increased the soil stiffness to significant
level and hence in some cases we could not get the toe reflections. The subsoil is
characterized by a filled up soil with fly-ash disposed from the nearby thermal power
plant. The initial layer consists of very soft silty clay. Below this medium silty clay
to stiff clay layer is observed. Near 40 meters level below the ground, dense silty
sand and hard silty clay layer is found.

The pile topping may be prepared with Cement mortar 1:3 or Conbextra GP grout
materialwith 50mmthickness. The toppinghas to beprepared7days prior to integrity
test. Sufficient time should be allowed for toppingmaterial to attain sufficient strength
for integrity test. Ultrasonic pulse velocity in the piles to be tested for integrity is
evaluated using PUNDITUltrasonic equipment. This is the required input to be given
to the Pile Integrity Tester for the reliable integrity assessment. The average wave
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velocity in concrete evaluated from Ultrasonic pulse velocity test measurements is
4173 m/s. Impact with less energy is imparted to the pile top. Accelerometer is fixed
on the top of the pile surface after necessary preparations to get the response in time
domain.

Pile Integrity Tests (PIT) are performed as per Indian Standard for Non-
Destructive Integrity Testing of Piles (NDT)—Guidelines (IS 14893:2001 reaffirmed
2006) [4]; on all the 160 piles of the TG foundation using Pile Integrity Tester equip-
ment (Make: Pile Dynamics Inc., USA;Model No.: PIT-FV). During the test, ASTM
D5882—07 Standard Test Method for Low Strain Impact Integrity Testing of Deep
Foundations [2] is also referred for guidelines of the test. The piles are constructed
with M35 grade concrete. Prior to these PIT tests Ultrasonic Pulse Velocity (UPV)
tests are performed as per Indian Standard forNon-Destructive Testing ofConcrete—
Methods of Test: Part 1Ultrasonic Pulse velocity (IS 13311—Part 1: 1992; reaffirmed
2004) [3] on randomly selected 20 piles of the TG foundation from top concrete of
0.75 m depth from the cut-off level. In each of the selected pile, two sets of direct
measurements along the diameter of the pile are taken at two different pile depths,
namely 0.25 m and 0.75 m. For performing the UPV tests, a Portable Ultrasonic
Non-destructive Digital Indicating Testing (PUNDIT) equipment (Make: Proceq,
Switzerland; Model: PUNDIT Lab) is used. These UPV tests are performed to arrive
at the representative stress wave velocity (C) of the pile concrete medium required
for estimating the pile depth using PIT analysis software. In the present study, a
mean stress wave velocity of 4173 m/s evaluated from UPV tests performed on the
randomly selected 20 piles of the TG foundation is used in the PIT analysis to esti-
mate the pile depth. The following aspects can be evaluated using pile integrity tester.
Impedance change, Effects of surrounding soil and pilematerial inwave propagation,
Maximum impact force given by the hammer. The wave reflections occur by change
in the pile’s impedance due to changes in either the cross-section or the material.
Decreasing impedance shows tensile reflection, leading to wave velocity in the same
direction as the impact. Increasing impedance leads to compressive reflection and
velocity wave occurs in the direction opposite to the impact. For a stiff concrete pile
in relatively weak soil (strength compared to the concrete), the toe reflection will
have the same sign (positive) as the velocity input. For a pile with a fixed end (such
as a rock socket), the toe reflection may be of the opposite sign (negative) as the
velocity input. Other reflections, observed only in the velocity record, are caused by
changes in the pile’s impedance, (E × A ÷ c,) where E is the elastic modulus, A
is the cross-sectional area, and c is the stress wave speed. A local decrease (neck)
would have a positive reflection followed by a negative reflection (positive nega-
tive cycle). A local increase (bulb) would have a negative reflection followed by a
positive reflection (negative positive cycle). The reflections must be interpreted to
determine whether the associated changes are normal or of major concern to the
integrity of the shaft. ASTM D5882—07 [2] Standard Test Method for Low Strain
Impact Integrity Testing of Deep Foundations have been referred in addition to the
BIS code for conducting the test and analysis.
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4 Results and Discussion

PIT tests involve low strain, stress wave propagation in the pile shaft. Non-
uniformities observed in the cross-section of the pile shaft along the depth estimated
from PIT analysis are discussed in this paper. UPV testing and pile integrity testing
on a typical pile are shown in Fig. 1. Results of PIT in the form of wave velocity vs
pile depth plots are analyzed using PIT software for all the 160 piles. These plots give
the estimate of pile depth and pile depth locations where non-uniformity in the pile
cross-section is likely to be present for each pile. The depth of the pile is estimated
and uniformity of the cross-section is observed. Velocity time history of a pile with
non-uniform cross-section and uniform cross-section are plotted. Higher soil stiff-
ness is observed in some of the piles, which do not have well-defined toe reflection.
Figure 2 shows the typical velocity profile of pile with uniform cross-section.

Most of the piles tested at site exhibits non-uniformity in the cross-section between
5 and 10 m. Due to the soil stiffness, many of the piles tested have shown early
reflections rather than reflections at the toe and defects of the pile. From Fig. 3, it is
inferred that due to the higher soil stiffness, there is no definite toe reflection. Due to
the non-uniformity in the pile, between7.5mand12.5m there is additional reflections
in the plot as shown in Fig. 3. In Fig. 4, it is noted that there is a non-uniformity in
the cross-section near 7.5 m depth and toe reflection at 25.02 m.

It is observed from the PIT analysis performed, the estimated pile depths of 101
piles (out of 160 piles) are found to be higher than the 23.4 m (90% of the design
depth of 26 m). 10 piles are found to be with estimated depth lower than 90% of

Fig. 1 UPV testing and pile integrity testing on a typical pile

Fig. 2 Typical velocity profile of pile with uniform cross-section (Estimated depth is 25.69 m)



Application of Wave Propagation with Low Strain … 385

Fig. 3 Typical velocity profile of pile with non-uniformity in the cross-section between 7.5 m and
12.5 m depth

Fig. 4 Typical velocity profile of pile with non-uniformity in the cross-section near 7.5 m depth
and the toe reflection at 25.02 m

design depth (i.e., 23.4 m). This could be due any one of the reasons stated above. 49
piles found to be with inconclusive depth due to the absence of well-defined wave
reflection.

5 Conclusions

Pile integrity tester is a compact equipment, which also reflects the soil stiffness, in
addition to abnormalities in the pile, which are tested. During the study, it is observed
that few piles have the depth less than the design depth. The pile depth is estimated
using PIT software based on the first reflection observed in the wave velocity profile
beyond 20 m depth adopting a pile depth estimate of 26 m, 0.76 m pile diameter, and
an average stress wave velocity of 4173 m/sec evaluated from UPV tests. This first
wave reflection observed is mainly attributed to sudden variation of impedance (Z)
(Z = EA/C, where E is the elastic modulus of the medium, A is the area of cross-
section, and C is the stress wave velocity of the pile shaft) in the pile shaft through
which the stress wave travels and could be due to any one of the following reasons.
(a) Toe of the pile. In this case, the first reflection shows the end of the pile shaft. (b)
Major reduction in the cross-section of the pile shaft in the form of necking or defect
(crack). In this case, possibility of pile shaft material beyond this depth also exists.
(c) Major non-homogeneity. In this case, possibility of mixing of concrete and soil
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at this depth exists. The absence of well-defined wave reflection beyond 20 m depth
shows that the low strain, stress wave generated at the top of the pile due to hammer
impact gets attenuated fast and do not travel beyond this depth and could be due to
any one of the following reasons. High soil stiffness is due to closely spaced piles
within the group. Heterogeneity in the pile shaft material is due to poor concrete
quality (like honeycombing and low grade concrete).
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Caisson Foundation Response During
Liquefaction Induced Lateral Spreading

Shibayan Biswas and Deepankar Choudhury

Abstract Caisson foundations are widely used as the foundation system of bridges,
transmission towers, and scour vulnerable structures for transmitting high structural
load to the soil beneath. In seismically active regions having potentially liquefi-
able soils, one important consideration is the effect of liquefaction induced lateral
spreading on deep foundations. During this phenomenon, caissons are subjected to
seismic forces and simultaneously it loses the lateral support of surrounding soil due
to liquefaction and an extra kinematic loading acts because of the flow of the lique-
fied soil. In this present study, a caisson embedded in liquefiable soil in gentle sloppy
ground has been modeled in finite element-based software package PLAXIS 3D for
capturing the response of the caisson in laterally spreading ground. The proposed
numerical model has been found to compare well with the available centrifuge test
results. Further parametric study has also been performed for lateral response of the
caissons in liquefying soil for different ground slopes, embedment depth to caisson
width ratio, frequency and amplitude of the dynamic motion. Behavior of the rigid
caisson foundations subjected to liquefaction induced kinematic loading have been
thoroughly discussed in the present study to assist the seismic design of caissons
embedded in potentially liquefiable soil.

Keywords Caisson · Liquefaction · Lateral spreading · Kinematic

1 Introduction

Liquefaction-related phenomenon is associated with rapid loss of strength and stiff-
ness of soil due to application dynamic loading. The excess pore pressure generated
due to vibrations compensates the total stress in soil and the soil starts flowing like
a viscous fluid. Whether the soil has been fully liquefied or not that can be esti-
mated from the value of excess pore pressure ratio (ru) of soil which is defined as
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the ratio of excess pore pressure to in-situ vertical effective stress. A ru value of
1.0 (practically ru value above 0.9–0.95) suggests full liquefaction. Liquefaction
induced lateral spreading is mainly common in gentle sloping grounds and can be
significant for partially liquefied soil also. When the reduced strength of slope soil
falls below the static strength required to maintain the equilibrium in slopes, lateral
spreading occurs. According to NCEER-92 workshop, lateral spreading generally
occurs in 0.3–5%slopes [1], though,many researchers have suggested that it occurs in
grounds having slope between 1° and 5°. Effect of kinematic loading on pile response
due to lateral spreading has been investigated throughout the years using different
methodologies such as force equilibrium method, p-y method, and finite element
method. However, a very limited amount of work has been found on the lateral
response of caisson foundation during lateral spreading condition. Due to the large
cross-sectional area with high rigidity, caisson foundations were generally believed
to have high capacity against the axial as well as the lateral loading and subsequently
immune to seismic loading. However, this assumption was found to impart a falla-
cious hope only after several bridges founded on caisson foundations were reported
to encounter damage in Kobe 1995 earthquake [2, 3]. Previous researchers [4, 5]
have reported the girder failure of Nishinomiya-Ko Bridge and abutment failure of
Kobe Bridge which occurred after Kobe 1995 earthquake. Although the caisson itself
was found to be more or less unaffected, but bridge failure occurred due to displace-
ment or rotation of caisson in the direction of laterally spreading soil. Therefore, the
necessity for providing a systematic design guideline for caisson foundation design
is instituted specifically for estimating the pressure coming from the flowing soil in
lateral spreading phenomenon.

In the present study, numerical analysis using PLAXIS 3D [6] has been performed
to investigate the different aspects of caisson-soil interaction under the liquefac-
tion induced lateral spreading condition. The suitable constitutive model which can
capture the liquefaction phenomenon as well as post liquefaction scenario has been
discussed. The proposedmodel has been validated with the centrifuge test results and
the results simulated by the proposed model has been found to be in good agreement
with the available experimental results. After validation of the numerical model,
detailed parametric study has been performed to observe the response of caissons
embedded in liquefying soil for different frequency, amplitude of input dynamic
motions, different ground slopes, and various caisson depth to width ratio.

2 Numerical Approach

2.1 Details of Numerical Methodology

A numerical method using finite element-based software package PLAXIS 3D
[v.2018.01 (PLAXIS3D, 2018)] [6] has been adopted in this present study for simu-
lating the effect of lateral spreading on a rigid caisson embedded in liquefying soil. A
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3D model has been formed to capture the complete soil-structure interaction around
the caisson. The optimized model dimensions were used for this analysis to ensure
the non-significant effect of wave reflections. Free-field boundary condition has been
used at the vertical sides of the boundary by employing free-field elements. Using
this boundary condition, the free-field motion is transformed to the main domain by
applying equivalent forces at the boundary. At the bottom of the 3Dmodel, compliant
base boundary condition has been employed to account for both absorption and appli-
cation of dynamic input. The 3D soil and caisson elements have been modeled as
10-noded tetrahedral elements and the interface elements are modeled as 12-noded
elements. In this analysis, caisson foundations have been modeled as rigid body
where the relative displacement and angle between two points remain same before
and after application of loads. That means the caisson will undergo rotation and/or
translation depending upon the type of loading, but will not bend with respect to its
longitudinal axis. This replicates the massive and heavy caisson of large dimensions
with high stiffness contrast between caisson and soil. Ground water table has been
considered at surface parallel to inclined ground and no slip condition at interface
has been considered. An undrained analysis has been performed for the liquefaction
problem. To facilitate free flowof soil during lateral spreading, the top ground surface
has been kept in inclination with a certain percent of slope with the horizontal line
throughout the domain. Therefore, the height of the soil block at two opposite ends
has been kept at different elevations with the direction of slope staying along the
direction of input motion (see Fig. 1).

In this dynamic analysis, damping has been incorporated inside the soil model
through frequency dependent Rayleigh damping formulation, which can be defined
as

2ωξ = α + βω2 (1)

Caisson 

Liquefiable 
Nevada sand  

Non-liquefiable 
cemented sand  

Fig. 1 3D model with slope used in the numerical analysis
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ω = 2π f (2)

where ξ is the damping ratio, ω is the angular frequency and f is the frequency of
input motion, α, β are Rayleigh damping coefficients. Two target frequencies (ω1,
ω2) and their corresponding damping ratios (ξ 1, ξ 2) were set to compute the damping
coefficients as below.

α = 2ω1ω2
ω1ξ2 − ω2ξ1

ω2
1 − ω2

2

(3)

β = 2
ω1ξ1 − ω2ξ2

ω2
1 − ω2

2

(4)

Generally, 1st and 2ndmode of natural frequencies are considered as the two target
frequencies. In the analysis, 10% damping has been considered which is consis-
tent with the practical range for soils. Sensitivity analyses of meshing have been
performed to ensure optimized mesh density where both accuracy as well as numer-
ical cost effectiveness were taken care off. The mesh size has been checked for the
required element size from the time step calculation and seismic wave propagation
criteria.

UBC3DPLM. To capture the rapid excess pore water pressure buildup and subse-
quent decrease in soil strength, a constitutive model named UBC3D-PLM has been
used in this study. This model is generalized 3-D upgradation of UBCSAND model
(University of British Columbia Sand) which was formulated by UBC researchers.
Like UBCSAND, UBC3D-PLM is an effective-stress-based elasto-plastic model
which follows the axioms of classical plasticity theory and consists of different
rules for predicting soil behavior. A densification rule associated with secondary
yield surface has been introduced in the UBC3D-PLM to simulate the generation
of excess pore pressure with reasonable accuracy. To incorporate the degradation of
stiffness after reaching liquefaction, i.e., post liquefaction phenomenon, a dilation
factor has also been introduced in this model which can capture the gradual degra-
dation of plastic shear modulus due to generation of plastic deviatoric strain at the
time of dilation. Initially [7] performed several triaxial tests on soil response and
proposed the equations for computation of parameters used for UBC3D-PLM. In
their companion paper, [8] validated those expressions and proposed the modified
expressions, mainly based on the in-situ corrected SPT value. In this present study,
the constitutivemodel parameters are computed from the available relations provided
by different researchers. Their proposed relations are based on the tests performed
on the typical types of soils and for capturing a particular nature of soil. It is always
advisable to perform tests for the model parameters evaluation for the response the
researcher want to capture. In absence of test results, these relations can provide
better estimate.
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Fig. 2 Input motion used in
the centrifuge experimental
setup [9]
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2.2 Validation of the Numerical Methodology

The proposed model is compared with the results found from the experiment
performed by [9] in centrifuge at 50-g condition as a part of a NEES study at RPI.
The stiff rigid caisson was made of aluminum which has external dimensions of 5×
3.65× 15.2 m in prototype. The soil layer consists of 10 m of potentially liquefiable
Nevada sandwith 2mof bottom sandmixedwith 5%Portland cementwhich provides
soil-soil interaction with liquefiable soil and dense kind of behavior of bottom sand.
The caisson was restrained at bottom to provide extra rotational stiffness. The whole
container was kept at 2° with horizontal to facilitate lateral spreading. The similar
condition has been replicated in PLAXIS 3D software. The depth of soil at one side
was 10 m where in another side, it was 15.23 m to maintain the 2o slope throughout
the soil domain (see Fig. 1). The input motion which was applied at bottom base
consists of 3 low amplitude cycles of ±0.01 g and followed by 20 high amplitude
cycles of ±0.2-g with a frequency of 1 Hz at prototype. Figure 2 shows the motion
which was applied in the direction of lateral displacement.

The far-field displacement, excess porewater pressure variation, base acceleration
with dynamic time, upslope passive earth pressure distribution along caisson depth,
as shown in [9] and in their companion paper [10], have been generated in the
numerical analysis and compared thoroughly. FromFig. 2, it can be seen that far-field
displacement, excess pore pressure at different depths, and base acceleration at far-
field location are in good agreement with the results obtained from [10]. Further, the
variation of upslope passive pressure along the depth of caisson has been compared
well with [9] result. Therefore, the suitable selection of UBC3D-PLM model in this
numerical analysis to capture the liquefaction and post-liquefaction phenomenon has
been found to work well (Figs. 3 and 4).

3 Parametric Study

After validation of the proposed model, a detailed parametric study has been
performed. Various parameters such as depth of liquefiable soil, caisson height to
width ratio, slope of ground to initiate lateral spreading post-liquefaction have been
varied. In this study, four different types of sinusoidal motion covering the probable



392 S. Biswas and D. Choudhury

-0.2

0

0.2

0.4

0.6

0.8

1

1.2

0 2 4 6 8 10 12 14 16 18

D
is

pl
ac

em
en

t (
m

)

Dynamic time (sec)

Muszynski et al.
(2014)
Present Study

0

10

20

30

40

50

60

0 2 4 6 8 10 12 14 16 18

Ex
ce

ss
 P

W
P 

(k
Pa

)

Dynamic time (sec.)

Muszynski et al. (2014)
Present study

5 m

2.5 m

(a) (b) 

Fig. 3 Comparison of the numerical analysis results with the available centrifuge test results: a
surface displacement at far-field location, b excess pore pressure at far-field location for 2.5 and
5 m depth from the ground surface

Fig. 4 Comparison of
upslope passive pressure
distribution obtained from
the numerical analysis with
the centrifuge test results
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range of frequencies and amplitudes were used to observe the response of the cais-
sons for different scenarios. Table 1 shows the details of the motions used in this
analysis. Two different ground slope, i.e., 1% and 4% have been used in the present
study and have been denoted as S1 and S4, respectively, for the rest of the paper.
Soil properties have been kept same as used in the numerical analysis performed for
validation.

Figure 5 shows that liquefaction has occurred for all the loading conditions. It

Table 1 Different types of
input motion used in the
parametric study

No Frequency (Hz) Amplitude (g) Notation

1 2 0.4 M1

2 2 0.1 M2

3 1 0.4 M3

4 1 0.1 M4



Caisson Foundation Response During Liquefaction … 393

0

0.2

0.4

0.6

0.8

1

1.2

0 5 10 15 20 25

r u

Dynamic time (s)

0

0.2

0.4

0.6

0.8

1

1.2

0 5 10 15 20 25

r u

Dynamic time (s)

0

0.2

0.4

0.6

0.8

1

1.2

0 5 10 15 20 25

r u

Dynamic time (s)

0

0.2

0.4

0.6

0.8

1

1.2

0 5 10 15 20 25

r u

Dynamic time (s)

(a) (b) 

(c) (d) 

Fig. 5 Typical ru versus dynamic time plot for a M1, b M2, c M3, d M4 motions for S1 ground
slope inclination

also has been observed that for same motion frequency, if amplitude increases lique-
faction occurs earlier as the cyclic shear stress applied is higher for higher amplitude
motion. Also, liquefaction triggering depends on no. of stress reversals. Henceforth
for same amplitude, no. of stress reversals increases with increment of frequency and
subsequently liquefaction triggers earlier (see Fig. 5c, d).

Free-Field Displacement. Previous studies recommended that the response of
deep foundations subjected to kinematic loading can be defined more profoundly by
calculating the transfer function which is a ratio of the free-field ground displace-
ment and foundation displacement. Present study indicated an increment in free-field
displacement as the slope inclination increases. It can be due to the fact that with
greater slope inclination, the driving stress for the flow of the soil increases which
results in more displacement. Similar phenomenon can be observed for an increment
of motion amplitude. However, the free-field displacement can be seen to decrease
as the frequency of the input motion increases.

Caisson Response—Displacement and Rotation. Top head displacement and
rotation of caisson are two major factors for the stability of caisson foundations
subjected to lateral loading and have been investigated in the present study. Slender
foundations like pile could follow more or less the wavy motion of the ground
caused by the seismic waves. However, rigid foundations with high stiffness contrast
compared to the surrounding soil generally don’t follow free-field movement and
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tend to modify the soil deformation. Henceforth the displacement of the caisson can
be seen to be much different from the free-field ground motion. This phenomenon
is known as the kinematic filtering effect of rigid foundations such as caissons. This
filtering effect becomes more prominent for the foundations having high bending
rigidity and low value of slenderness ratio. This can be compared in terms of wave-
length of seismic shear waves in the soil and dimensions of a caisson, i.e., from the
λff/L value. Where λff is the wavelength of the seismic wave which can be defined
as V s/f and L is caisson length. V s is the shear wave velocity of the soil and f is the
frequency of the input motion.

From Fig. 6, it can be observed that the caisson head displacement increases
for increasing D/B ratio for S1 ground slope. Similar pattern has been found for
the caisson embedded in S4 ground slope (see Fig. 7). According to the available
literature, if λff/L value decreases, the filtering effect of the caisson increases and the
displacement of caisson decreases. For the same reason the rotation of the caisson
reduces. That is why for D/B ratio of 3.75, the displacement and rotation is more.
Though for D/B ratio of 2.5 and 1.67, the caisson height is same, but for D/B ratio
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Fig. 6 Typical variation of top head displacement of caisson for 1% slope inclination (S1) for a
M4 motion, bM2 motion
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of 1.67, the caisson width is more. This may be affecting the response and predicts
less displacement and rotation for D/B ratio of 1.67. Figure 8 shows that the top
head displacement and rotation of caisson increase as the slope inclination increases.
This is due to the higher driving stress for the flow of the soil as discussed earlier.
The effect of amplitude of input motion on caisson head displacement and rotation
of caisson have been presented in Fig. 9. The top head displacement and rotation
of the caisson increases with the increase in amplitude of the input motion. As the
amplitude of the motion increases, the force imposed on the caisson increases which
results in more displacement and rotation.
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4 Conclusions

This study presents the response of caisson foundations in liquefaction induced lateral
spreading phenomenon in a qualitative way. Rigid foundations with high stiffness
contrast compared to the surrounding soil generally don’t follow free-field move-
ment and tend to filter the soil deformation. Therefore, the caisson itself may be
more or less unaffected due to the impact of lateral loading unlike piles but the slight
movement and/or rotation of caisson due to the lateral flow pressure coming from
the sub-soil ground movement initiates the failure of super-structures and subse-
quent damages. User defined PLAXIS 3D model UBC3D-PLM which can success-
fully capture the liquefaction phenomenon and flow of soil due to lateral spreading
phenomenon has been used in the numerical analysis. This constitutive model is
popular for its simplicity as well as for its effectiveness for successful prediction
of soil behavior like triggering of liquefaction, post-liquefaction behavior, cyclic
mobility, etc., using numerical and finite element formulation. The loss in capacity
of surrounding soil due to seismically induced liquefaction when the caisson is has
been found to affect the lateral stability of caissons embedded in potentially lique-
fiable soil through increase in top head displacement and rotation. The effect of
different parameters on the extent of lateral spreading phenomenon which in turn
affects the response of caisson has been observed through far-field ground displace-
ment. The free-field displacement increases with slope, amplitude, and frequency
of the input dynamic motion. It has also been observed that both the caisson head
displacement and rotation increase for increase in amplitude of input motion, ground
slope, caisson embedment towidth ratio and decreaseswith the frequency of the input
motion. The discussion on the behavior of the rigid caisson foundations subjected to
liquefaction induced kinematic loading can be considered to provide the initial steps
for the seismic design of caissons embedded in potentially liquefiable soil.
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Dynamic Analysis and Design
of Foundations for Liquid Storage Tanks

Madan Kumar Annam and P. R. Sastry

Abstract Dealing with soft and loose soils is always a challenge to the prac-
ticing Civil Engineers. Foundations to support heavy loads on weak deposits in high
seismic zones attracts more attention in design of foundations of structures. Seismic
wave propagation and its impact on foundation elements induces additional bending
moments and shear forces. This paper deals with analysis and design of foundations
adopted for a 41m diameter storage tank executed in the East Coast of India. The effi-
cacy of lateral pile capacity has been assessed using PLAXIS 3D dynamic module.
The performance of foundation system under earthquake loading was extensively
studied and covered in this paper. A full geotechnical seismic site response analysis
was conducted with a full mesh of soil layers and piles. Appropriate site-specific
seismic acceleration history with time was imposed on the bedrock. Sloshing forces
for both full and empty tank conditions were considered in the analysis. The 3D FEM
seismic analysis of the pile movement and forces during and after earthquake were
checked for structural adequacy of the piles against the M–N envelope.

Keywords Bored piles · Seismic loads · Storage tanks · Dynamic analysis · 3D
FEM & PLAXIS 3D

1 Introduction

Storage tanks resting on pile foundations installed through soft soils and socketed into
weathered rock and its performance under seismic conditions is great concern. The
presence of soft soils plays important role in amplifying the groundmotion, especially
under seismic activity. Liquefaction of weak soils subjected to earthquake loading is
key factor affecting the performance of pile foundation in seismically active zones
where soil may experience liquefaction or cyclic mobility [1]. This paper presents
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aspects of 3D FEM analysis applied to an oil storage tank founded on a group of piles
installed through soft soils and all piles got socketed into rock. Numerical modelling
was carried out using PLAXIS 3D dynamic module to assess adequacy of lateral pile
capacity and efficacy of reinforcement in the event of earthquake [2]. The use of 3D
Finite Element analysis for modelling of foundations in seismic conditions is often
challenge to design engineers in understanding its behavior.

2 Project Background

An oil storage tank of 41 m diameter resting on 800 mm diameter bored cast in-situ
(BCIS) piles along with reinforced concrete tank pad and associated civil works
were executed in one of the oil tank farms. A full geotechnical seismic site response
analysis was conducted with a full mesh of soil layers in order to evaluate seismic
dynamic pile-soil interaction. Piles with an appropriate site-specific seismic acceler-
ation history with time (accelerogram) was imposed on the underlying bedrock and
propagates upward to the ground surface.

One of the requirements of design aspects in this project was to assess the concern
of seismic impact on the pile foundation due to dynamic pile-soil interaction. This
check was necessitated as the seismic wave propagates from the underlying bedrock
upward to the ground surface [3]. A geotechnical 3D FEM seismic analysis was
thus resorted as the present case is highly three dimensional in nature as seismic
forces induce additional pile movements as well as additional bending moment &
shear force along the pile shaft. The plan view and cross section of the proposed
foundation system of storage tank is shown in Fig. 1 and 2 respectively.

3 Geological Conditions

The subsurface soil profile revealed by the relevant boreholes around the proposed
tank is quite consistent with the SPT N with depth. Design soil parameters are
presented in Table 1 and the ground conditions are uniform across the project site.

4 Load Combinations and Seismic Analysis

The site-specific seismic action characterized by the generated seismic response
spectrum according to Clause 3.5 IS-1893 (Part 4): 2015 [4] was considered for a
return period of 475 years. The site-specific seismic response spectrum is shown
in Fig. 3. The seismic response spectrum matches reasonably with the target site
specific seismic response spectrum.
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Fig. 1 Plan of the proposed tank foundation

Fig. 2 Typical cross section of the foundation

Table 1 Soil parameters for the various soil types

S. No RL (m) Soil description SPT N values Unit weight Cu ϕ

From To (kN/m3) (kPa) (deg)

1 4 0 Filled up soil 8 17.0 − 29

2 0 −8 Clay (CH) 3 14.5 10 −
3 −8 −12 Clay (CI-CH) 6 16.0 20 −
4 −12 −17 Clayey silty sand 36 18.5 180 −
5 −17 −19 Highly weathered

rock
>60 20.0 300 −

6 −19 Weathered rock >100 20.0 600 −



402 M. K. Annam and P. R. Sastry

Fig. 3 The seismic response spectrum

The methodology adopted for Geotechnical 3D seismic analysis was based on the
guidelines stipulated in IS-1893 Part 1 CL.6.3.4 [4] viz. (a) unfactored seismic signal
as per DBE and (b) load combinations covering tank full and empty conditions with
appropriate load factors, were checked along the full pile length.

5 Geotechnical 3D FEM Seismic Analysis

Latest version of Geotechnical 3D FEM (Plaxis 3D) dynamic module was used as it
is highly three-dimensional in nature. The model was made initially with in-situ soil
conditions followed by construction of piles and pile cap. The steel tank with base
thickness of 10 mm and shell thickness of 25 mm at bottom to 8 mm at top was then
erected as illustrated in Fig. 4. The load intensity of about 150 kPa was considered
as content load acting on the foundation raft (reinforced concrete tank pad, resting
on pile foundations).

Illustration of forces applied in Plaxis 3D model for seismic analysis is presented
in Fig. 5.

The accelerogram was then applied to the base of underlying bedrock and prop-
agate waves upwards. The accelerogram time history was sub-divided into 25 ms
sub-steps for dynamic time-stepping analysis. Snapshots of intermediate moments
of the tank movements during the earthquake is illustrated Fig. 6.

Based on the PLAXIS 3D study, it is assessed that for the full tank case, the
calculated post-earthquake pile movement and forces are much smaller after the
earthquake. Figure 7 presents the induced bending moment profiles of the piles
during the earthquake with a maximum value of about 375 kNm.
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Fig. 4 Geotechnical 3D FEM model

Fig. 5 Forces applied in Plaxis 3D model for seismic analysis

The induced pile forces are much smaller for the empty tank case due to much
less inertial effect during earthquake. Load combinations for empty tank case and
tank full conditions were complying with the IS1893 CL.6.3.4 [4] consistently.

6 Structural Analysis of the Foundation

Structural analysis of the foundation system was carried out using ‘STAAD PRO’.
Base raft wasmodeled as a circular reinforced concrete slab of 42.0m diameter using
plate elements resting on piles. Analysis and design of tank structure is not covered
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Fig. 6 Illustration of pile deflection during the earthquake (scaled up by 70 times)

Fig. 7 The BM profile of the most critical pile during earthquake
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in this paper. Foundation analysis was performed according to the forces supplied by
client are applied in the structural model. Plate elements were modelled as annular
grids and piles are considered as spring supports. Stiffness values of piles derived
from its capacity and settlement. A concealed ring beam with nominal properties
was placed at the edge of tank raft on which loads can be applied on the tank walls.
The analysis was made for three scenarios namely empty condition, test load (with
water) and service conditions. Loads due to empty tank and contents weight along
with external loads viz. wind load and earthquake loads on the tank structure were
applied on the model appropriately including the sloshing effects during operation
stage.

The analyses revealed that for the tanks supported on piles, the number of piles
solely based on geotechnical capacity for static loads and Design Basis Earthquake
(DBE) conditions. The number of piles were selected to meet structural capacity
requirements. The results of the structural analyses found that in most instances, the
design of the tanks and the foundations are governed by the DBE. Bending moment
and shear stress at critical locations for factored load combinations were obtained.
Figure 8 illustrates the induced maximumM–N forces in the pile M–N envelope for
both during & post-earthquake conditions.

It can be seen from the geotechnical 3D FEM seismic and structural analysis that
the proposed number of bored piles are sufficient to resist the earthquake impact and
hence foundation system is adequate.

Fig. 8 Load combination along the full pile length on pile M–N capacity envelope
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7 Results and Discussions

A full geotechnical 3D seismic analysis with a full mesh of soil layers was conducted
for the storage tank foundation resting on piles. Dynamic pile-soil interaction
with appropriate site-specific seismic accelerogram was imposed on the underlying
bedrock. Seismic wave to propagate upward direction from the bed rock to ground
surface was considered to evaluate the soil-structure interaction. The lateral loads
arrived from geotechnical 3D FEM seismic analysis confirms structural integrity
through M–N envelope that the re-bar provided is enough. On the other hand, the
calculated post-earthquake pile movement and forces are much smaller after the
earthquake, and a structural integrity check based on M–N envelope show the re-bar
provided is more than sufficient for the post-earthquake forces.

Seismic analysis of the pile movement and forces during and after earthquake are
checked for structural adequacy against the pile M–N structural capacity envelope
and found satisfactory.
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Performance of Mechanically Stabilized
Earth Structures in Seismic Conditions

Atanu Adhikari and Deepak Manjunath

Abstract Mechanically Stabilized Earth (MSE) or Reinforced Soil structures are
composite structures consisting of alternating layers of compacted backfill and soil
reinforcement elements that are fixed to a facing. The stability of MSE structures is
derived from the interaction between the backfill and soil reinforcements, involving
friction and tension. The facing is relatively thin and is intended to perform the
primary function of preventing erosion of the structural backfill. The significant
relative cost saving that can be realized when this system is used compared to tradi-
tional RCC retaining structures, combined with ease of construction has resulted in
widespread adoption of this technology in India and around the world. MSE struc-
tures have been found to perform satisfactorily when subjected to seismic loading
conditions provided that recommended practices are adopted during their construc-
tion. This paper presents case studies of superior performance of MSE structures
when subjected to seismic loading both during and after completion of construction
including a case study on the behaviour ofMSE structures founded on soft silt deposit
in seismically active hilly terrain in the stretch from Quazigund to Baramulla where
an earthquake measuring 5.4 on the Richter scale occurred during construction of
the structure.

Keywords Reinforced earth ·MSE wall ·Mononabe-Okabe · Pseudo-static
seismic loading

1 Introduction

One of the fundamental characteristics of earthquake resistant structures is the
ability to dissipate energy induced due to earthquake loading by means of defor-
mation within serviceability limits. Such structures are constructed with materials
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that can resist shear and tension, with simple, regular shaped individual members
joined to form a continuous system that is capable of redistributing the earthquake
forces. Mechanically Stabilized Earth (MSE) structures possess all these properties.
Mechanically Stabilized Earth (MSE) or Reinforced Soil structures are composite
structures consisting of alternating layers of compacted backfill and soil reinforce-
ment elements that are fixed to a facing. The stability of MSE structures is derived
from the interaction between the backfill and soil reinforcements, involving friction
and tension. The facing is relatively thin and is intended to perform the primary
function of preventing erosion of the structural backfill. The significant relative cost
saving that can be realized when this system is used compared to traditional RCC
retaining structures, combined with ease of construction has resulted in widespread
adoption of this technology in India and around the world.

2 Experimental Models and Structures

Over the years, the response of MSE structures to seismic loading has been exten-
sively studied by means of three types of experimental models and structures [6],
namely:

1. Scale Models
2. ½ Scale Models and
3. Full Scale structures.

2.1 Scale Models

Initial studies pertaining to seismic response of MSE structures were conducted on
scale models of MSE structures on which seismic loading was induced by means of
vibrating tables (Fig. 1).

Fig. 1 Scale model on vibrating table [6]
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However, drawing inferences and conclusions fromsuch studieswas a riskypropo-
sition due to inability of such models to represent behaviour of actual full size struc-
tures, specifically with respect to replicating adherence conditions, ductility of the
reinforcements, the proportions of the structure, the period of vibration and so on.
Moreover, it was difficult to observe the mode of reinforcement failure i.e. rupture
or pull out [6].

2.2 ½ Scale Models

The short comings of scale models were addressed in the form of half scale models
conceptualized by Professor Chida. These half scale models were placed on a
vibrating table inside a box arrangement. This arrangement was instrumented with
accelerometers and extensometers to record measurements during the experiments
(Fig. 2). In this set up, earthquake loading was simulated through of a range of
frequencies and accelerations that were induced by the vibrating table. Analysis of
measurements recorded during experiments conducted using this set up, indicated a
relatively even increase of tension in the reinforcements with increase in the induced
acceleration. However, the rigidity of the frame was observed to influence the results
at high frequencies [6].

2.3 Full Scale Structures

The propagation of significant vibrations through the reinforced soilmass, their effect
on tension and adherence of reinforcements and the actual period of the vibration
of the structures was studied by experiments conducted on full scale structures.
Through these experiments, it was inferred that while seismic loading influences
vertical stress, it did not have an effect on friction and thereby did not have an effect
on adherence of the reinforcements [6].

3 Analysis of Experimental Data

At the request of Reinforced Earth Group, a critical analysis of all previous studies
was conducted by the late Professor H.B. Seed [6]. Based on the experimental data,
he drew the following conclusions:

1. The fundamental period of vibration of a structure is a function of its height and
is only a fraction of a second. The maximum acceleration is nearly equivalent
to the acceleration at ground level.
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Fig. 2 ½Scalemodel developed byProfessorChida and distribution of dynamic tension increments
[6]

2. The excess dynamic tensile load that is developed in the reinforcements due to
acceleration induced by seismic loading is practically constant throughout the
height of a standard structure.

3. There is no residual deformation when MSE structures are subjected to
accelerations up to 0.3 g

In addition, Professor Seed recommended that certain assumptions, like the width
of the active zone, should be verified by other means, such as finite element method
analysis.

4 Finite Element Analysis

When MSE structures using linear inextensible reinforcements were analyzed by
finite elements method, the following inferences were drawn [6]:
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1. The horizontal acceleration generally increases from the base to the top of
the wall. While the average value is close to the input acceleration when the
structure is founded on rock, the average acceleration transmitted to the structure
is noticeably reduced when the structure is founded on less firm ground.

2. There is no residual deformation and a maximum elastic deformation of 13 mm
results at the top of a 10 m tall MSE structure when it is subjected to seismic
loading that induces an input acceleration of 0.4 g.

3. When compared with static loading, the location of the maximum tension line
in the reinforcements doesn’t change when MSE structures are subjected to
seismic loading, even at high input accelerations.

4. When the reinforcements are evenly distributed in the structure, this internal
dynamic force resulting due to seismic loading is equally distributed at all
levels of reinforcements. The distribution is proportional to the shear resis-
tance of the resistive zone, and hence is a function of the adherence length of
the reinforcements.

5. When the reinforcements are unevenly distributed, the dynamic force is also
distributed in proportion to the reinforcement density with the more heavily
reinforced sections resisting more force.

5 Design Approach

Finite Element analyses have been adopted to analyse the behaviour of reinforced soil
walls under static and seismic loading [1, 4, 9]. The design standards to be followed
for design of reinforced soil walls and slopes in India find mention in Clause 3100 of
Ministry of Road Transport &Highways (MoRTH) Specifications for Road&Bridge
Works (5th Revision) as well as IRC:SP 102–2014.MoRTHClause 3100 [10] allows
for design to be done as per BS 8006:2010 [2] as well as FHWA-NHI-10–024 [3].
Since BS 8006:2010 does not cover the design checks to be carried out in seismic
condition, the general design approach involves conducting the design checks for
static case as per BS 8006 while the design checks for seismic case are carried out
as per the Mononobe-Okabe pseudo-static approach presented in FHWA-NHI-10–
024. MSE structures designed by adopting this design approach have been found to
perform satisfactorily when subjected to seismic loading conditions provided that
recommended practices are adopted during their construction.

6 Performance of MSE Structures Subjected to Seismic
Loading

This section presents case studies to illustrate the performance of MSE structures
subjected to seismic loading.
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6.1 MSE Walls for Quazigund to Baramulla Rail Over
Bridge Project

During the construction of eight Rail Over Bridge (ROB) approaches using MSE
walls in the Quazigund to Baramulla project, the site experienced an earthquake of
magnitude about 7.0 on Richter scale with epicenter about 150 km away from the
site, in Pakistan. By means of extensive soil investigation, the foundation soil for
most locations was found to be characterized by filled-up soil of 1–2 m followed by
layers of fine grained clayey silt of low/ medium plasticity upto 15–20 m depth. In
some locations sand was encountered at 16 m depth. Clayey silt upto 15 m depth
was composed of 3–5% of sand, 80–95% of silt and 2–7% of clay. The SPT-N value
was found to vary from 1–9 upto a depth range of 6–10 m.

MSE walls using discrete cruciform panels and high adherence steel strip rein-
forcement were adopted for the construction of the ROB approaches. The static
design of the MSE structures was carried out as per BS 8006, 1995 and the seismic
design was carried out as per AFNOR NF P 94–220, July 1992. The backfill used
was well-graded riverbed material with engineering properties that conformed to the
mechanical, physical and hydraulic and electrochemical criteria defined in the tech-
nical specifications. The foundation soil was reinforced with high tenacity polyester
Geogrids as transition course to improve bearing capacity and to achieve global
stability.

For reinforced soil walls upto a height of 4 m, no ground treatment was proposed.
Walls exceeding 4 m height, the ground was proposed to be treated with one or
two layers of high strength PET geogrid, which, were extended 3 m on both sides
beyond the structure width depending on detailed analysis. Structures whose height
exceeded 4 m were constructed in two or three stages with waiting period designed
to dissipate excess pore pressures developed at the end of each stage of construction
[5].

6.1.1 Seismic Event During Construction

The Kashmir earthquake (also known as the South Asia earthquake or the Great
Pakistan earthquake) of 2005, was a major earhquake whose epicenter was located
in the Pakistan administered Kashmir occurred at 08:50:38 h. Pakistan standard time
(03:50:38 UTC) on 8th Oct. 2005. It registered 7.6 on the richer scale making it a
major earthquake similar in intensity to the 1935Quetta earthquake, the 2001Gujarat
earthquake, and the 1906 San Francisco earthquake. The equivalent magnitude of
tremor on Richter scale at site was 5.4.

All the MSE walls on Baramula—Quazigund section experienced the impact of
this earthquake. The constructed height of the wall was 6 m at the time of the seismic
event. While many residential structures in the vicinity collapsed or were damaged
due to earthquake, no damage was observed in the MSE walls (Fig. 3).
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Fig. 3 (Top) Damage
sustained by buildings in Uri
30 km from site and
(Bottom) MSE approach
wall for Bridge No. 127 after
the earthquake [5]

The vertical alignment, individual panel joints, vertical and horizontal gap
between the panels were found to be intact. No bulging, differential movement
between the panels, or any damage in the panels was observed after the earthquake.

6.2 Performance of MSE Walls During the Northridge, Kobe
and Izmit Earthquakes

6.2.1 Northridge Earthquake

23 MSEWall structures measuring 5–10 m in height and located between 13–83 km
from the epicentre were subjected to seismic loading during the 1994 Northridge
earthquake. The earthquake subjected the structures to horizontal accelerations
varying between 0.07–0.91 g and vertical accelerations varying between 0.04–0.62 g
[7]. While the buildings and other structures in the vicinity of the MSE structures
were severely damaged during the earthquake, the only damage observed in theMSE
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walls was minor spalling of the concrete panels. It is of high importance to note that
while over 75% of the MSE wall structures were designed using lesser horizontal
ground accelerations than actually occurred, over 50% of the MSE wall structures
were designed by not considering any horizontal ground accelerations at all [8].

6.2.2 Kobe Earthquake

Over 120MSEwall structures ranging in height from5m to over 10mwere inspected
after the 1995 Kobe earthquake. While the structures were designed using ground
accelerations ranging from 0.15–0.2 g, the actual ground acceleration during the
earthquake was 0.27 g. While ground deformation was observed next to 22 struc-
tures, 10 structures exhibited minor cracking of the concrete panels with 3 structures
exhibiting significant lateral movement. While deformations recorded in walls at
Awaji Island and Hosiga-oka Park varied between 4–113 mm, all the structures were
recorded to remain functional after the earthquake [8].

6.2.3 Izmit Earthquake

One bridge and ramp structure located in Arifiye, in close proximity to the epicentre,
was inspected after the 1999 Izmit earthquake. The differential settlements that were
initiated by the seismic event caused panels to separate by as much as 75 mm at
some locations. However, while the bridge collapsed, it was observed that the bridge
approach MSE ramp walls remained stable and only sustained nominal damage.
This is noteworthy, especially considering that the MSE walls were subjected to a
ground accelearation of 0.4 gwhile theywere actually designed considering a ground
acceleration of 0.1 g only [8].

7 Conclusions

This paper presents inferences drawn from experiments that were conducted to study
response of MSE structures to seismic loading. Selected case studies from around
the world have been presented to support the conclusion that MSE structures remain
structurally stable after experiencing significant seismic loading. MSE walls being
flexible in nature, can be constructed over very soft soil where the expected settle-
ment is very large and in areas prone to high seismic activity. Special arrangements
like provision of slip joints are very important to ensure that MSE structures can
accommodate large differential settlements.
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